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ABSTRACT 

 

The aging transportation infrastructure problem coupled with rapidly increasing traffic 

volumes and tightening budgets necessitates the need for cost effective and durable bridge 

components which can be easily implemented using current construction techniques. These 

solutions must also be suitable for accelerated construction in order to ensure minimum 

disruption to existing traffic. In this regard, Ultra High Performance Concrete (UHPC) with 

enhanced mechanical properties lends its self as an ideal material. Through this multipart 

research, the emerging UHPC material and the traditional normal concrete are optimally 

combined to exploit both their beneficial features and yield new economical hybrid bridge 

components. The rebar development length in UHPC was experimentally investigated using pull 

out and beam specimens with lap splices. The results from these tests add significant new data on 

the bond stress distribution for rebar embedded in UHPC and a simplified design equation is 

proposed. An embedment length of 8 db (db -diameter of rebar) in UHPC with 3db clear cover 

was found to be sufficient to yield a Grade 60 mild steel reinforcement. A hybrid prestressed 

girder concept utilizing UHPC in the end zones of the girder with normal concrete in the 

remainder of the girder was proposed for a long-span girder with existing shapes . UHPC-NC 

interface behavior under direct shear and flexural loading was also experimentally investigated 

using direct shear testing of small-scale interface samples and flexural testing of UHPC-NC 

beams. A detailed 3D-FE model of a 205ft. long UHPC-NC hybrid girder was developed in 

ATENA and used to evaluate the feasibility of the hybrid girder concept. A hybrid bridge pier 
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system using a precast UHPC shell as permanent formwork for traditional bridge piers or as a 

retrofit option for existing columns was proposed. Experimental tests were conducted on 24in. 

long UHPC-NC columns to quantify the effectiveness of the UHPC shell in providing the 

confinement to normal concrete. Results obtained from the tests indicate that UHPC-shell-

confined specimens exhibit a 15 to 30 % increase in peak load carrying capacity along with a 26 

to 46% increase in failure strain values. 
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1  INTRODUCTION 
 

The ASCE 2017 Infrastructure Report Card gave the American infrastructure systems a D+ 

rating [1] and highlighted the urgent need for repair and restoration of the nation’s aging and 

deteriorating infrastructure. Moreover, with rapidly increasing global demand for infrastructure 

development under tightening budgets, there is a significant need to develop economical and 

structurally efficient systems with improved service life. The current National Bridge Inventory 

Database [2], lists that the average age of bridges in the United States is 43 years, with 39 % of 

the bridges in the United States reaching their intended design service life of 50 years in the 

coming decade (see Figure 1-1).  

 

Figure 1-1 Histogram of current age of bridges in the U.S. 
 

Federal Highway Administration (FHWA) estimates that, nearly $200 to $300 billion 

dollars is needed to rehabilitate or replace all structurally deficient bridges in the nation. The 
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combination of aging infrastructure, growing number of structurally deficient or obsolete 

bridges, and continuous increase in traffic volume in the United States demands rapid 

improvements to the nation’s bridge infrastructure with an emphasis on increasing bridge 

longevity. Hence, Federal, State and municipal bridge engineers are seeking alternative ways to 

build better bridges, reduce travel disruptions, and improve repair techniques. Thereby reducing 

maintenance costs and increase bridge longevity. Additionally, owners are challenged with 

replacing critical bridge components, during limited or overnight road closure periods. 

Consequently, there is an impending need to develop technologies, which are not only 

economical and durable, but can also facilitate rapid construction and are easily implementable 

into practice. 

1.1 ULTRA HIGH PERFORMANCE CONCRETE   
 
Ultra-High Performance Concrete (UHPC) is an advanced, highly engineered cementitious 

material, with superior mechanical properties and durability when compared to traditional 

concrete used in reinforced concrete structures. The main constituents of UHPC are fine sand, 

portland cement, ground quartz, silica fume, high range water reducing admixture, steel fibers 

and water. A few notable differences in the UHPC composition when compared to normal 

strength concrete (NC) and high performance concrete (HPC) are the lack of coarse aggregate, 

addition of steel fibers, high proportions of cementitious materials, and low water/cement ratio. 

The use of powder and well-graded components helps in achieving a high packing density of the 

UHPC constituents, with interstitial voids between the sand, cement and quartz particles filled by 

silica fume, which has an average size of less than 1 µm [3]. This leads to significantly improved 

mechanical properties such as increased compressive strength and considerable tensile strength 

as compared to those properties of HPC and NC. UHPC exhibits compressive strengths in excess 
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of 22 ksi (152 MPa) and a typical stress-strain response of UHPC in compression is shown in 

Figure 1-2a. This material also has a ductile tensile behavior unlike normal strength concrete or 

HPC. The use of steel fibers in UHPC improves the material’s ductility as well as its tension 

capacity. It exhibits a sustained post cracking tensile strength of 1.2 to 1.8 ksi (8 MPa to 12 MPa) 

with tensile ductility as shown in Figure 1-2b.  The tensile ductility of UHPC can be further 

elaborated using Figure 1-3. In this figure, the steel fibers (shown in blue) going across a crack 

hold the UHPC matrix together allowing the crack to propagate while the load is sustained. Upon 

further loading, the steel fibers experience strain hardening resulting in a slight increase of 

tensile load carrying capacity and allowing cracks to open up at other locations in the structure. 

The eventual failure of UHPC in tension is through fiber pullout or fiber rupture leading to the 

localization of the cracks at one location.  

 

Figure 1-2 Typical stress strain behavior of UHPC, as investigated by Acker and Behloul 
[4] and Aaleti et al. [5] 
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Figure 1-3 Fiber bridging in UHPC  

 

This tensile behavior also enhances the bond properties of rebar embedded in UHPC, 

resulting in considerably shorter development lengths. To further elaborate, Figure 1-4 shows the 

forces between rebar embedded in the concrete matrix being pulled in one direction. The figure 

also shows the resulting tensile (marked in red), compressive principle stresses (marked in blue) 

which lead to the formation of cracks against the wedges of the rebar. These cracks significantly 

affect the bond performance and also determine the ultimate failure point of the bond. Thus the 

rebar embedded in UHPC, due to its enhanced tensile strength, is expected to exhibit a bond 

behavior which is significantly improved and different from rebar embedded in normal concrete. 

 

Figure 1-4 Forces between reinforcing bar and concrete [6] 
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In addition, the very dense cement matrix in UHPC creates a low permeability concrete, 

which greatly enhances its resistance to corrosion and degradation when compared to normal 

strength concrete. In a study by Graybeal [3], UHPC specimens achieved a negligible rating 

(<100 coulombs) for chloride ion penetration. A more extensive comparison of the various 

durability properties of UHPC, High Performance Concrete (HPC), and normal strength concrete 

are presented in Figure 1-5. In addition to the advantages realized from its superior mechanical 

and durability properties, with the use of super plasticizers in the mix design, UHPC displays 

self-consolidating/self-leveling behavior. This allows it to be placed in the plant and field 

conditions with little to no vibration, reducing construction placement costs. 

The mechanical and durability properties of UHPC which exceed those of conventional 

concrete advocate the potential to improve the overall economy and longevity of bridge 

components significantly. The high compressive strength of UHPC allows designers to select 

smaller dimensions for members, decreasing dead load on the structure and improving overall 

structural efficiency. UHPC also displays rapid early strength gain and achieves compressive 

strengths in excess of 10 ksi in 48 hours of casting [7]. This property along with its suitability for 

precast/prestressed applications, can contribute to reduced construction time. Finally, the 

superior durability characteristics of UHPC would lead to an increased service life and reduced 

maintenance costs compared to conventional concrete structures in nearly all applications. 

Therefore, in the current-day concrete technology, UHPC is an excellent choice for a structural 

material. This has led to an increasing adoption of UHPC bridge elements over the past few 

years. 



 

5 
 

 

Figure 1-5 Comparison of durability properties of UHPC and HPC with respect to normal 
concrete (lowest values identify the most favorable material) [8] 

 

1.2 UHPC IN BRIDGES OF NORTH AMERICA 
 
UHPC has been used in bridge structures in the U.S. and Canada from the early 2000s. 

Today, there are more than 250 bridges that have used UHPC in the U.S. and Canada (Figure 

1-6). Majority of these applications use UHPC as a joint fill material to connect precast structural 

systems and in a limited number it has been used to construct complete bridge elements, such as 

girders, deck panels, and prestressed pile foundations (see Table 1-1). 
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Figure 1-6 Location of bridges where UHPC has been used [9] 

 
Table 1-1 List of bridges in the U.S. that utilized precast/prestressed UHPC elements. 

Bridge Name Location Year Owner UHPC element 
Mars Hill Bridge Wapello County, IA 2006 Wapello County girder (Iowa Bulb Tee) 
Jakway Park Buchanan County, IA 2008 Buchanan County π-shaped girder 
SR 624 Richmond, VA 2008 VDOT girder (Bulb Tee) 
Dahlonega Road Ottumwa, IA 2011 Iowa DOT precast waffle deck 
Deacon Avenue Fairbank, IA 2015 Buchanan County π-shaped girder 
SAC county Bridge SAC county 2012 Iowa DOT precast prestressed H-Pile 

 

The first highway bridge constructed in North America using UHPC bridge elements was 

the Mars Hill Bridge in Wapello County, Iowa [10]. The simply-supported single-span bridge 

consisted of three 110-ft long precast, prestressed concrete modified 45 in. deep Iowa bulb-tee 

UHPC beams topped with a cast-in-place conventional concrete bridge deck. Each beam 

contained forty-seven 0.6-inch diameter, low-relaxation prestressing strands and no shear 

reinforcement. The girders were fabricated at a precast plant in Canada using UHPC produced by 

Lafarge North America. Following the Wapello County Bridge, which was constructed in 2006, 
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two UHPC girder bridges were built in 2008. Following extensive research and testing by 

researchers at MIT and FHWA, a bridge using π-shaped UHPC girders was constructed in 

Buchanan County, Iowa [11]. Three pi-girders were used in the central 51-ft 4-inch long center 

span of the three span bridge. One span, with a length of 81.5 ft, of the 10 spans of the Route 624 

Bridge over Cat Point Creek in Richmond County, VA, was built using UHPC bulb-tee girders 

with a depth of 45 inches. In 2011, Iowa DOT constructed the first bridge with full-depth precast 

UHPC deck panels in North America over Little Cedar Creek in Wapello County, IA. This 

bridge was 60-ft long, 33-ft wide and used fourteen full-depth UHPC waffle panels. The panels 

were 15 ft by 8 ft by 8 inches deep at the deepest point, with the waffle squares having a 

thickness of only 2.5 inches. All connections between adjacent panels and from panels to the 

precast, prestressed concrete beams used in-situ UHPC. Based on the plant fabrication, 

laboratory testing, and construction of this bridge, a design guide was developed for FHWA to 

encourage broader implementation of the UHPC waffle deck system [5]. In 2008, a team at Iowa 

State University developed the first UHPC pile to replace the commonly used HP10 x 57 steel 

piles. In 2012, based on the detailed laboratory and field studies on pile driving conducted by 

Voort et al. [8] and Aaleti et al [12], a 65 ft long, precast prestressed UHPC H-shaped pile was 

installed in an integral abutment of the SAC County bridge in Iowa. This pile replaced an H pile, 

but its length was reduced due to the increase in the end bearing component of the UHPC pile. In 

2015, Buchanan County built a bridge using a UHPC mixture developed by the county using 

local materials (K-UHPC). The bridge was 52 ft long and 32 ft-5 in. wide and consisted of post-

tensioned π-shaped UHPC girders.  
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1.3 UHPC – NC HYBRID SYSTEMS 
 
The limited number of projects described above which use complete UHPC elements are 

indicative of the relative cost of producing UHPC when compared to NC. Currently, 

commercially available proprietary UHPC mixes cost approximately 30 times more than 

conventional concrete. Thus using UHPC to entirely replace conventional concrete is cost 

prohibitive. This can be addressed by using UHPC selectively in the critical regions of structural 

elements. An example for this concept is using UHPC as a joint infill material between normal 

concrete precast elements. This is a hybrid solution which pairs UHPC with easily adaptable 

existing precast concrete systems, resulting in cost effective and durable hybrid systems. Figure 

1-7a shows the precast connection detail between cast-in-place normal concrete deck panels with 

traditional grout or high strength concrete infill. It can be seen from these details that, using 

normal concrete based solutions either need large joint widths (upto 12 in) with hooked bars or U 

bars coming from deck panels. These details can be simplified by taking advantage of the 

enhanced mechanical properties of UHPC which results in shorter development lengths for rebar 

leading to decreased joint widths and simplified construction details. Figure 1-7b shows a joint 

used between deck panels with UHPC infill, in a recently constructed bridge in IOWA. This 

detail uses short length (8 in) straight bars in the joint, which improves the ease of deck 

placement onsite and the UHPC joint fill also improves the durability/longevity of the joint. 
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Figure 1-7 Comparison of deck connection details with and without UHPC [5] 

 

1.3.1 BRIDGE CONSTRUCTION USING UHPC 
 
Federal and State Departments of Transportation (DOTs) are also seeking alternative 

ways to build better and safer bridges at a faster rate to meet the demand on the nation’s aging 

bridge infrastructure due to the rapid economic and population growth. Among the current bridge 

construction technologies, accelerated bridge construction (ABC) is gaining significant interest 

among various bridge owners as the preferred method of construction due to it’s key advantages 

such as decreased onsite construction and labor cost, increased worker safety; and decreased 

traffic congestion and disruptions. Using precast concrete as the material of choice for an ABC 

design also offers several unique benefits, including slender structural members and aesthetics, 

minimal onsite formwork and scaffolding, and improved quality and durability because of the 

factory-like production setting, leading to lower maintenance and life-cycle costs. Using 

prefabricated bridge components works well in implementing ABC methods. Many successful 

applications of ABC techniques such as those shown in Figure 1-8 have been realized over the 
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last few decades [13, 14].  Federal Highway Administration (FHWA) has also documented 

various connection details developed for Prefabricated Elements and Systems [15] in an effort to 

promote ABC. Figure 1-9 shows one such documented detail  

 
Figure 1-8 Figure showing various types of  cap beam to pile connection details tested and 

developed as part of the study by Matsumoto et al. [13] 
 

 

Figure 1-9 Figure showing Minnesota DOT’s adjacet inverted T beam connection detail 
documented by Culmo for FHWA [15] 

 

In this context, Figure 1-10a shows two such applications, one is the precast deck panels 

and the other is the precast column caps. UHPC lends itself as an ideal choice for fill material in 

these prefabricated ABC techniques. The reduced development lengths of rebar in UHPC can 

reduce the size and complexity of connection elements. Considering these advantages, design 

recommendations and a few connection details for precast deck connections with UHPC have 
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been proposed for precast deck panels by Graybeal, (2012) [16] and Aaleti et al., (2013) [5]. 

However, these recommendations for the joint widths and rebar details in joints were arrived for 

that specific application using very limited experimental research on rebar development in 

UHPC. These details cannot be reliably extended for a more general application without 

additional experimental testing including various design parameters. Also, currently there is no 

reliable design equation for the development length of mild steel reinforcing bars which can aid 

in developing more innovative connections between precast members. The research presented in 

this dissertation extends the current understanding of rebar development length in UHPC and 

proposes a design equation for computing rebar development length. 

The standard I-shape and bulb-tee precast concrete girder sections designed and 

fabricated in lengths up to 160 ft constitute approximately one-third of the bridges built in the 

United States [17]. Such bridge construction, while economical from an initial cost point-of-

view, may become somewhat limiting when longer spans are needed.  A longer span girder 

design can provide a number of constructible and economical design options by altering 

parameters such as span lengths, number and location of piers, and girder spacing. Many state 

department of transportations (DOT) increased the girder span lengths or girder spacing by 

developing new or modified girder cross-sections to accommodate more prestressing and by 

implementating splicing technology and segmental construction. However, usage of splicing 

technology is not wide spread among different states due to lack of experience for local 

contractors. Splicing also neccesistates a rigorous analysis during design phase compared to 

traditional construction. Further, it also requires secondary/tertiary phases of post-tensioning 

onsite which can lead to increased complexities of planning the construction operation. 

Development of new shapes to accommodate more prestressing strands and extend the span 



 

12 
 

lengths requires expensive initial investement for precast producers, which results increasd cost 

for bridge elements. Increasing the span lengths using the increased number of prestressing 

strands in a cross-section may result in unwanted cracking in girder ends during detensioning and 

excesssive reinforcements causing construction issues. One of the components developed as part 

of this dissertation research is a prestressed hybrid bridge girder (see Figure 1-10b) concept, 

employing the UHPC in the shear and anchorage zones at the girder ends to take advantage of 

UHPC mechanical properties to allow an increase in the number of strands with existing girder 

shapes. A higher number of prestressing strands present designers with the advantage of reducing 

the amount of substructure construction to be executed on site thus giving dividends on the 

overall project scheduling. In order to effectively realize this concept of a hybrid UHPC-NC 

prestressed girder and its effectiveness, it is essential to understand the structural response and 

behavior of the girder. As the overall behavior of the girder will be influenced by UHPC-NC interface 

behavior, it is important to understand the behavior of the UHPC-NC interface under different loading 

conditions, such as shear and bending.  

A hybrid bridge pier is also developed as part of this study. This concept involves using a 

UHPC shell to work as a permanent column formwork and also provide confinement to normal 

concrete in critical regions of the bridge piers (see Figure 1-10c). However, the effectiveness of 

UHPC shell in providing confinement is not investigated in literature. This hybrid pier concept 

can help to reduce the reinforcement congestion issues by either reducing the size of confinement 

hoops or increasing the confinement reinforcement spacing in large bridge piers. It can also help 

to accelerate the construction process, as the UHPC shell can be designed to withstand the 

superstructure loads expected during the construction of pier cap and bridge seating without the 
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core concrete gaining full strength. Additionally, a UHPC shell can provide other advantages 

such as improved durability and longevity.  

 
Figure 1-10 Figure showing existing precast  bridge elements and proposed applications 

 

1.4 DISSERTATION LAYOUT 
 
This dissertation contains six chapters including this introductory chapter. The thesis is 

written in an article style format and the material presented in each of the chapters is either 

already published, submitted or planned for submission to a peer reviewed journal. Each of these 

chapters discuss the experimental program in detail and presents the research findings and 

conclusions. Following the introductory chapter, Chapter 2 presents the experimental study 

conducted to investigate the bond behavior of reinforcing bars embedded in UHPC. This chapter 

also proposes a design equation derived by modifying the current ACI 318-14 [18] equation 

governing the rebar development length. This modification is based on the experimental findings 

from this paper and results from other studies available in the literature.  Chapter 3 discusses the 
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experimental study carried out to understand the endzone behavior of 78 in. deep bulb-tee (BT-

78) girders. This chapter presents in detail an experimentally verified finite element modelling 

approach to simulating prestressed concrete girders in Abaqus (ref). Chapter 4 discusses the 

concept of the long-span hybrid girder. It also provides experimental details of the experimental 

and analytical studies conducted to examine the feasibility and behavior of the proposed hybrid 

girder concept. Chapter 5 presents the concept of the hybrid bridge pier and examines the extent 

of confinement provided by a UHPC shell. The thesis is concluded by providing a summary, 

conclusions and future research in Chapter 6. 
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2 EXPERIMENTAL INVESTIGATION OF BOND BEHAVIOR OF MILD STEEL 
REINFORCEMENT IN UHPC 

 

A version of this chapter has been published as: V. S. Ronanki, S. Aaleti and D. B. Valentinim, 

"Experimental investigation of bond behavior of mild steel reinforcement in UHPC," 

Engineering Structures, vol. 176, pp. 707-718, December 2018 [19].   

 

2.1 INTRODUCTION AND BACKGROUND 
 
Ultra-high performance concrete (UHPC) is a relatively new class of advanced 

cementitious material, which has been developed over the past few decades to address the need 

for a material with superior mechanical and durability properties [20]. UHPC is composed of an 

optimized gradation of granular constituents, a very low water-to-cementitious materials ratio 

(less than 0.25), and a high percentage of discontinuous internal fiber reinforcement. The 

optimized material gradation leads to a dense packing structure in UHPC, resulting in 

compressive strengths in the range of 22 ksi (150 MPa). The presence of steel fibers makes this 

material to have a ductile tensile behavior and exhibit a sustained post-cracking tensile strength 

[7]. The current design standards such as ACI 318-14 [18] for normal and high strength concrete 

structures are not appropriate for economical design of structures with UHPC as the enhanced 

compressive and tensile behavior of UHPC is not well accounted for in current design codes. The 

enhanced mechanical properties of UHPC also lead to an increase in the bond between UHPC 

and deformed steel bar [21], allowing for a reduction in the length required to develop yield 
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capacity of a reinforcing bar.  Composite action between concrete and reinforcing steel 

cannot occur without bond. Therefore, the bond performance of rebar plays a major role in the 

behavior of reinforced concrete structures when subjected to static and dynamic loads, especially 

for crack width control. A high bond value will lead to small cracks, close to each other, while a 

lower bond value will lead to larger cracks. Insufficient bond can generate sudden failure with 

very low ductility. The bond behavior is governed by different factors such as the geometry of 

the bar (relative rib area), the mechanical properties of the concrete, the thickness of the concrete 

surrounding the rebar and the confinement conditions due to stresses perpendicular to the axis of 

the bar and due to the presence of transverse reinforcement (rebars or fibers). The bond behavior 

in regular concrete is well studied and some of the commonly adopted test setups for 

development length related studies in normal strength concrete (NSC) and high strength concrete 

(HSC) are shown in Figure 2-1 [6].  

Experimental studies to characterize the development length of rebar in UHPC have been 

carried out in recent times. The majority of these experimental studies used standard [22, 23, 24] 

or modified [25, 21] pull out test setups for understanding the bond behavior, as it is easy to 

fabricate and test the specimens. However, the standard pull-out test setup as shown in Figure 

2-1a leads to the formation of compressive stresses in the concrete block, which helps to enhance 

the bond development and thus lead to shorter development lengths. Accordingly, ACI 408 R-03 

[6] recommends that pullout tests should not be the sole basis for determining the development 

lengths. Fehling et al. [25], Yuan and Graybeal [21] modified their pull out test setup to 

minimize the formation of compressive struts. Additional research is also available in the form 

modified beam end tests performed by Saleem et al. [26] and lap splice tests under direct tension 

conducted by Lagier et al. [27]. A summary of these studies is presented below. 
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Figure 2-1 Commonly adopted test setups for rebar development length studies [6] 
 

Saiidi and Mostafa [22] performed pullout tests on steel bars embedded in UHPC filled 

corrugated ducts as part of a study which developed an accelerated bridge construction detail for 

a column-to-foundation connection. The corrugated ducts were embedded in a 24 in. diameter 

normal concrete column and received mild-steel reinforcement and filled with UHPC. They 

tested #8 (M25) (db = 1 in. (25mm), where db is the nominal diameter of the bar), and #11 (M36) 

(db =1.41 in. (36 mm)) bars with embedment lengths of 3db, 4db, 5db, 8db, and 12db. Through 

these tests it was seen that, measured average bond stresses developed along the embedment 

length of a rebar in UHPC was eight times higher than that of rebar in normal concrete. 

Marchand et al. [23] investigated the bond development length in Ultra High Performance Fiber 

Reinforced Concrete (UHPFRC)  by testing 51 pullout test samples. These tests were performed 

on 0.32 in. (M8), 0.47 in. (M12), and 0.63 in. (M16) diameter bars. The study used variable 

embedment lengths between 2.5db to 8db and clear covers from 0.79 in. (20 mm) to 7.64 in. (194 

mm). It was concluded from these tests that, for the bar sizes tested, a minimum of 8db 

embedment length with 0.79 in. (20 mm) cover is required for the full development of the bar. 
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Alkaysi and El-Tawil [24] performed pullout tests to study the effects of embedment length, bar 

coating, casting orientation, curing age and fiber volume content. The tests were performed on 

#4 (M13) to #6 (M19) bars for embedment lengths from 2.6db to 8db. Based on the results from 

this study the authors conservatively estimate the bond strength in UHPC to be 1.1√f’c, where f’c 

is the characteristic compression strength of UHPC in MPa.  Fehling et al. [25] conducted 20 pull 

out tests on 0.47 in. (M12) diameter bars embedded in rectangular UHPC blocks. The concrete 

cover and embedment length in the tests were varied from 1db to 2.5db and 2db to 12db, 

respectively. In these tests three major failure modes such as cone failure, V-type splitting failure 

and splitting failure were observed. Although, in most cases mixed failure modes were observed, 

it was evident that concrete cone type failure primarily occurred in samples with low embedment 

length (2db to 4db) and high concrete cover (2db to 2.5db). A splitting type failure was observed 

in high embedment (8db to 12db) specimens. It was concluded from these tests that for specimens 

with 1.5db, 2db, and 2.5db concrete cover, the yield stress was reached in samples with 

embedment length more than 6db, 5db, and 4db respectively. Yuan and Graybeal [21] conducted 

over 200 pull out tests to investigate the effect of embedment length, concrete cover, bar spacing, 

concrete strength, bar size, bar type, and yield strength. Based on the study they concluded that, 

for #4 (M13) (db = 0.5 in.) to #8 (M25) (uncoated or epoxy coated) reinforcing bars, a yield 

strength of 75 ksi (517 MPa) can be attained with an embedment length of 8db, as long as a 

minimum side cover of 3db, and a minimum clear spacing between bars of 2db is provided. 

Saleem et al. [26] performed 21 pull out tests and 16 beam tests on, #3 (M10) (db = 0.375 in.) 

and #7 (M22) (db = 0.875 in.), 100 ksi (690 MPa) mild steel reinforcement to study the effect of 

embedment length on rebar bond behavior in UHPC. For the beam tests conducted in this study, 

the reinforcing bars were not spliced; instead they were debonded by using a PVC tube at one 
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end to vary the embedment length. All the specimens had a constant clear cover of 0.5 in (13 

mm) and the embedment length varied from 8db to 48db. Based on the tests results the authors 

concluded that, embedment lengths of 12db and 18db are required to develop 100 ksi (690 MPa) 

yield strength, for #3 (M10) and #7 (M22) bars, respectively. Lagier et al [27] studied the effect 

of splice length and UHPFRC steel fiber content on development length. For this study they used 

a single bar diameter of #8 (M25) with 1.2db concrete cover. The embedment lengths tested were 

5db, 8db and 10db. The fiber contents chosen for testing were 1%, 2% and 4% by volume.  The 

test results indicate that using UHPFRC in splice regions greatly enhances bond performance. An 

average bond stress of more than 1.45 ksi was developed along embedment length of rebar in all 

specimens. Further, it was also observed that increasing fiber content limits the propagation of 

transverse cracks thus improving bond performance. Table 2-1 shown below provides a 

summary of these research works and also gives additional details regarding test setup and 

material properties. 

Table 2-1 Summary of existing research on bond behavior of rebar in UHPC 

Study 

UHPC Details Rebar Details Test Details 

Results f’c  
Fiber 

Content Bar Size 
Yield 

Strength Conforming 
Standard Setup Parameters 

Examined  
(ksi) (Vol %) (ksi) 

Saiidi and 
Mostafa [22] 19.4-26.7 2% steel 

#3 (M10), 
#8 (M25), 
#11 (M36) 

70-75 

ASTM 
A615, 
ASTM 
A706 

 

Embedment length: 
3db-12db 

The bond strength 
for rebars 
embedded in UHPC 
is higher than the 
bond strength for 
rebars embedded in 
normal concrete 
 

Marchand et 
al [23] 26.7 

2.5%  steel 
fibers 

 + 
0.09 lb/ft3 

polypropyle
ne fibers 

0.31 in 
(M8), 
0.47 in 
(M12), 
0.63 in 
(M16) 

75-89 Not 
Available 

 

Embedment length: 
2.5db-8db, 
Concrete cover: 
Thin-0.78 in -1.18 
in, 
Thick- 7.5 in-7.6 in 
 
 

8db embedment 
length with 0.79 in 
cover is required 
for the bar to 
develop fully. 
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Alkaysi and 
El-Tawil [24] 7.7-27.5 1-2% steel 

#4 (M13), 
#5 (M16), 
#6 (M19) 

55-118 Not 
Available 

 

Embedment length: 
2.6db-8db, 
Casting Orientation: 
Transverse, Parallel, 
Curing age: 
1,3,7,28 days 
Fiber Volume 
content: 
1%, 2% 

The bond strength 
in UHPC can be 
conservatively 
assumed as be 
1.1√f’c, where f’c is 
the characteristic 
compression 
strength of UHPC. 
 

Fehling et al 
[25] 24.7 1.5 % steel 0.47 in 

(M12) 72.5 BSt 500 S 

 

Concrete Cover: 
1db – 2.5db; 
Embedment Length: 
2db – 12db 

Rebars in 
specimens with 
embedment length 
greater than 6db, 
reached yield point 

Yuan and 
Graybeal 

[21] 
21.3# 2% steel 

#4 (M13), 
#5 (M16), 
#7 (M22), 
#8 (M25) 

75-134 ASTM 
A1035 

 

Casting orientation: 
Side pour, Upright 
pour; Embedment 
length: 
2.5db-6.2db; 
side cover: 
1db – 2.5db; 
bar spacing: 
0.15 in to 11.4 in; 
UHPC compressive 
strength: 
13.9 ksi-19.4 ksi; 
bar type and yield 
strength: 
Grade 60 and 
120/epoxy coated 
and uncoated 

Rebar yield 
strength of 75 ksi 
(517 MPa) can be 
attained with a 
minimum 
embedment length 
of 8db, a minimum 
side cover of 3db, 
and a minimum 
clear spacing 
between bars of 
2db. 
 

Saleem et al 
[26] 22.6-26.2 2% steel #3 (M10), 

#7 (M22) 100 ASTM 
A1035 

 
 

Embedment length: 
8db- 48db 
 

For #3 (M10) bars 
an embedment 
length of 12db is 
required and for #7 
(M22) bars an 
embedment length 
of 18db is required 
for a concrete cover 
of 0.5 in to develop 
the bars fully. 

Lagier et al 
[27] 15.4-20.1 

1%,2%,4% 
(Steel + 
Plastic) 

#8 (M25) 67 CAN/CSA- 
G3018 

 

Embedment length: 
5db-10db 

Fiber volume: 
1%, 2%, 4% 

An average bond 
stress of more than 
1.45 ksi was 
developed along 
embedment length 
of rebar. Higher 
amount of fibers 
controls the 
propagation of 
transverse cracks 

# @14 days 
1 in = 25.4 mm, 1 ksi = 6.9 MPa 
 

As summarized above, a majority of these studies are mainly based on pullout tests on 

reinforced UHPC members.  Depending on experimental setup used for pullout testing (e.g., 
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Alkaysi and El-Tawil [24]), these tests may not fully represent the strain gradient and stress 

conditions in surrounding UHPC as expected in flexural members such as beams and columns. 

Also, strain monitoring along the development length of the rebars was not carried out in most of 

the tests, which resulted in calculation of only the average bond stress along the entire 

embedment length instead of a detailed bond distribution. A thorough understanding of bond 

stress distribution and development length of rebar in UHPC is critical for economical and safe 

design of the UHPC structures. The research presented in this chapter investigates the factors 

that affect bond of deformed steel bars in UHPC, including embedment length, concrete cover, 

bar spacing and bar size. This study adds additional experimental data to the existing literature 

along with quantifying the bond development along the embedment length.  

2.2 EXPERIMENTAL PROGRAM 
 
In order to investigate the bond behavior of rebar embedded in UHPC, an experimental 

program consisting of pull-out tests with modified test setup and beam tests with rebar splices 

were conducted. Only one type of UHPC mix, which is commercially available in North 

America [28] was used for this study. The UHPC mix design consisted of premix, super 

plasticizer, high range water reducing agent and 2% steel fibers by volume. The steel fibers were 

straight, smooth, cylindrical and made of high-tensile-strength steel. They have a diameter of 

0.008 in. (0.2 mm) with a length of 0.5 in. (12.7 mm).  The typical mix design of UHPC adopted 

for this study is presented in Table 2-2. The UHPC used in this study had an average 

compressive strength of 21 ksi (145 MPa) at the time of testing of pullout and beam specimens. 

Table 2-2 UHPC mix design 
Material lb/yd3 (kg/m3) 
Premix 3699 (2268) 
Water 219 (134) 
Superplasticizer 51 (31) 
Steel Fiber-2% 263 (161) 



 

22 
 

Two types of steel bars, including normal-strength uncoated Grade 60 and Grade 80 bars 

meeting ASTM A615 [29] were used in this study. The bar sizes tested in the study varied from 

#4(M13) to #7(M22). The measured values for yield strength, tensile strength [30], and relative 

rib deformations [6] for the steel bar are presented in Table 2-3. Since the rebar cover has a 

significant influence on bond characteristics, the experimental program investigated variable 

rebar cover and embedment lengths. The details of the test specimens and testing procedures are 

presented below.  

Table 2-3 Measured material properties and deformations of mild steel reinforcement 
Bar Size Measured Yield Strength Measured Tensile Strength Deformation Details (in.) 

(US) (ksi) (ksi) Mean Spacing Mean Height 
#4 (M13) 74  > 106 0.150 0.041 
#5 (M16) 73* > 103 0.184 0.046 
#6 (M19) 92* > 135 0.280 0.050 
#7 (M22) 93* > 135 0.300 0.059 

*0.2% offset method as per ASTM A370 [30]; 1 ksi = 6.9 MPa; 1 in =25.4 mm 
 
2.2.1 PULLOUT TEST SPECIMEN DETAILS  

 
Direct tension pullout tests, with a new test specimen design were conducted in this study. 

The specimen configuration is shown in Figure 2-2a. This detail was developed so as to mimic 

the tension-tension lap splice configuration and eliminate the compressive stresses observed in a 

typical pullout specimen. This specimen consists of two rectangular UHPC blocks connected 

with two intermediate rebar labelled Bar2, as shown in the Figure 2a. The tension force is 

applied to Bar1s in both UHPC blocks, which would lead to an internal force distribution as 

shown in Figure 2-2b due to the off center configuration of Bar2s. Tensile forces are generated 

not only parallel to the bar but also in the perpendicular direction. Thus, this configuration causes 

the UHPC around the rebar in rectangular block to be in a higher tensile state, when compared to 

a traditional pull out test or beam test. The results obtained from this setup are thus expected to 

form the lower bound estimate for bond strength of rebars in UHPC. Each of the test specimens 
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were designed such that the combined cross-section area of both Bar2s is similar to Bar1 cross-

sectional area. This ensured that all rebars would experience similar tensile stresses during 

testing. In Figure 2-2a; H, T, W indicate the height, width and thickness of the rectangular UHPC 

blocks respectively; Cs1 and Cs2 indicate the concrete clear cover to the sides of Bar1 and Cs3 

and Cs4 indicate the concrete clear cover for Bar2; Ld1 and Ld2 indicate the embedded length of 

Bar1 and Bar2, respectively. Using this test specimen details, impact of the UHPC cover and bar 

diameter, on the bond behavior was studied by varying the embedment length of each bar (Bar1 

and Bar2). The as built details for all the 16 pullout test specimens are provided in Table 2-4. In 

the Table 2-4, Cb is defined as per ACI 318-14 [18] provisions, which is equal to lesser of: 

distance from center of a bar to nearest concrete surface and one-half of the center-to-center 

spacing of bars. Each test specimen provides 4 data points for bond strength, resulting in a total 

of 64 data points. 
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Figure 2-2 Schematic of pullout test specimen and expected force transfer mechanism  
 

Table 2-4 Reinforcement and cover details of pull out test specimen. 
Specimen No Bar1 Bar2 Ld1 Ld2 Cs1 Cs2 Cs3 Cs4 H W T Cb  (in terms 

of db) 
bar size  (in terms of db) (in.) Bar1 Bar2 

P1 # 7(M22) # 4(M13) 8 8 1.9 4.1 3.5 4.3 8 8 4 2.4 2.8 
P2 # 7(M22) # 5(M16) 8 8 1.7 4.0 2.8 3.2 8 8 4 2.2 2.8 
P3 # 7(M22) # 4(M13) 8 8 1.7 4.0 3.5 4 8 8 4 2.2 3.5 
P4 # 7(M22) # 5(M16) 8 8 1.9 4.0 2.8 1.6 8 8 4 2.4 1.6 
P5 # 7(M22) # 4(M13) 6 6 1.7 4.0 3.5 2 8 6.25 4 2.2 2 
P6 # 7(M22) # 4(M13) 6 6 1.9 4.1 3.5 4 8 6.25 4 2.4 3.5 
P7 # 7(M22) # 5(M16) 6 6 1.9 4.0 2.8 3.2 8 6.25 4 2.4 2.8 
P8 # 7(M22) # 4(M13) 6 6 1.7 4.0 3.5 2 8 6.25 4 2.2 2 
P9 # 7(M22) # 5(M16) 10 10 3 5.2 4.4 3 12 10 6.1 3.5 3 

P10 # 7(M22) # 5(M16) 8 8 3 5.2 4.4 3 9 10 6.1 3.5 3 
P11 # 7(M22) # 5(M16) 6 6 3 5.2 4.4 3 6 10 6.1 3.5 3 
P12 # 7(M22) # 5(M16) 10 10 1.8 3 2.2 2 12 7 4 2.3 2 
P13 # 6(M19) # 4(M13) 8 8 3 4.8 4.8 3 7 8 5.3 3.5 3 
P14 # 6(M19) # 4(M13) 8 6 3 4.8 4.8 3 6 8 5.3 3.5 3 
P15 # 6(M19) # 4(M13) 10 10 2.2 3.7 3 2 9.5 7 4 2.7 2 
P16 # 6(M19) # 4(M13) 10 10 1.5 3.7 2.5 2 9.5 7 3 2 2 

Note: 1 in. = 25.4 mm; db – diameter of rebar; some of critical parameters in above table are in terms of db.  
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2.2.2 BEAM TEST SPECIMEN DETAILS 
 

The beam specimens with the spliced bars more accurately mimic the stress state of rebars 

in real world applications compared to pull-out test specimens.  A total of twelve beam 

specimens were tested with #4 (M13) , #5 (M16), #6 (M19) and #7 (M22) bars, with a concrete 

cover of 1 in. (25.4 mm) and 1.5 in. (38.1 mm). These concrete cover values translate to 1db to 

3db thus providing a wide range of test data to make sufficient observations regarding the effect 

of concrete cover. The beam specimens consisted either a single rebar or two rebars, which are 

spliced at mid-span. Figure 2-3 shows the typical details of the beam splice specimen. In this 

figure ‘c1’ represents the concrete bottom cover, ‘c2’ and ‘c3’ indicate the side cover and spacing 

between the bars, respectively. Table 2-5 provides the complete details of each of the test 

specimens. The strain gauge locations shown in this table are measured from the end of the rebar 

in the spliced region and are expressed in terms of diameter of bar (db). A single steel foil strain 

gauge is placed at each of the locations mentioned in the table. 

 

Figure 2-3. Typical beam specimen details 
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Table 2-5 Beam splice test specimen details 
Specimen 
number 

Bar Size  No. of 
Bars 

Ld c1 c2 c3 L B D Cb Strain Gauge 
  

 
(in db) (in.) (in db) (in db) 

B1 #6 (M19) 1 8 1.5 - - 40 5 6 2 6 6 - - 
B2 #6 (M19) 2 8 1.5 1 1 40 6 6 1.2 6 6 6 6 
B3 #7 (M22) 1 8 1.5 - - 45 5 6 1.7 6 6 - - 
B4 #7 (M22) 2 8 1.5 0.8 0.8 45 6 6 1 6 6 6 6 
B5 #6 (M19) 1 8 1 - - 40 5 6 1.3 6 6 - - 
B6 #6 (M19) 2 8 1 1 1 40 6 6 0.7 6 6 6 6 
B7 

 
#4 (M13) 

 
 

1 8 1 - - 42 6 5 2 2 6 - - 
B8 #4 (M13) 2 8 1 1 1 42 6 5.75 1.5 2 8 2 4 
B9 #4 (M13) 1 8 1.5 - - 42 6 5.75 3 2 6 - - 

B10 #4 (M13) 2 8 1.5 1.3 1.3 42 6 6 1.8 8 6 3 6 
B11 #5 (M16) 2 8 1.5 1.2 1.2 42 6 5.75 1.5 6 3 8 3 
B12 #5 (M16) 1 8 1.5 - - 42 6 6 2.9 5.5 2 - - 
(1 in. = 25.4 mm) 
Note: The strain gauge locations are measured from the free end of each rebar at the splice 

location. 
 
2.3 CASTING, INSTRUMENTATION AND TEST SETUP 

 
The specimens were cast using a wooden formwork as shown in Figure 2-4. The UHPC 

was mixed using a standard high shear mixer following the recommendations by the UHPC 

provider. UHPC was poured into the formwork from one end of the formwork, so that the casting 

orientation for all the specimens was parallel to the reinforcing bars (see Figure 2-4b and Figure 

2-4c). The rebar in the beam test specimens were instrumented with standard steel foil strain 

gauges (see Figure 2-4c) at different distances from the ends of the rebar. The strain gauges were 

used to obtain the bond stress distribution at varying distances along the splice length.  As the 

clear cover has influence on bond stress distribution, the rebar were supported on 0.18 in. (4.6 

mm) diameter threaded rods drilled into the side walls of the form work to have a precise control 

on clear cover. Figure 2-4d shows the clear cover for the beam specimen B10 consisting of two 

#4 (M13) bars. The specimens once cast were covered with a plastic sheet to prevent any 

moisture loss and were transferred to an environmental chamber after 24 hours from casting. The 

specimens were then cured in the environmental chamber maintained at 110 oF (43 oC) and 65% 
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humidity for another 48 hrs. This was done to accelerate strength gain of UHPC. The specimens 

were then air cured at ambient temperature for at least 28 days, before they were tested. 

 

Figure 2-4 Typical formwork details for test specimens and UHPC casting. 
 

The test setup for pull out tests (see Figure 2-5a) consisted of the specimen held in an MTS 

uniaxial testing machine. These specimens were subjected to tension force under displacement 

control. The loading rate for the MTS machine was kept at 0.01 in/min (0.25 mm/min) in the 

elastic zone, at 0.05 in/min (1.27 mm/min) the yield region and at 0.1 in/min (2.54 mm/min) 

until failure. All the data from MTS machine and strain gauges were gathered continuously 

during the tests using a data acquisition system (DAQ).  
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Figure 2-5 Test specimen setup details 

 

The splice beam specimens were tested using a standard 4-point bending setup as shown in 

Figure 2-5b. Two load cells were placed under each of the supports to measure the support 

reactions and the load was applied using a 200 kip (900 kN) hydraulic load jack. The beam 

specimens were loaded gradually at an approximate rate of 1 kip/min. The data from the load 

cells, pressure gauge attached to the load jack and from the strain gauges placed on the rebar 

were simultaneously collected using standard DAQ system. The location of the strain gauges on 

each of the rebar in all the beam test specimens are provided in Table 2-5. Optotrak® 3D non-

contact displacement measurement system using LEDs was used to collect local displacement at 

several points along the beam length and the depth. The LED’s were attached to the face of the 

beam over the beam length. The average surface strains were calculated using the displacement 

data from the LEDs. 

2.4 TEST OBSERVATIONS  
2.4.1 PULLOUT TESTS 

 
For a majority of pull-out specimens, formation of splitting type of cracks was the primary 

failure mechanism. For this type of failure, the splitting crack originated at the end of the 
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rectangular block and progressed inwards, as shown in Figure 2-6a. Specimens with concrete 

cover of 3.5db, showed a cone type failure for both 6db and 8db embedment lengths (see Figure 

2-6b). A horizontal crack was observed for the specimen with an embedment depth of 10db and 

concrete cover of 3db (see Figure 2-6c). It should be noted that this could be a failure of the 

rectangular concrete block and not necessarily a bond failure, this specimen had the highest 

recorded force resulting in a stress of 0.9 ksi (6.21 MPa) across entire cross section. A mixed 

failure mode with both a horizontal crack and a splitting crack was also observed in specimen # 

P14 with an embedment length of 8db and concrete cover of 3db. 

 
Figure 2-6 Failure types observed in pullout tests 

 

Figure 2-7 show the results from the pull out test specimens. In this graph, the X-axis 

represents the embedment length and the Y axis represents the concrete cover. Values of the 

peak bar stresses for each of the specimen corresponding to its embedment length and concrete 

cover are plotted as shown in Figure 2-7, where the size of each marker is representative of the 

numerical value of bar stress. It can be seen from this figure that, a general increase in the 

maximum bar stresses is observed as the embedment length and concrete cover increases. It is 
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observed that for an embedment length of 6db the bar stresses exceed a value of 60 ksi (414 

MPa) for a cover of 3db. Similarly for concrete covers of 2db and 1.5db, embedment lengths of 

8db and 10db, respectively, are required for the bar stresses to reach 60 ksi (414 MPa). It can be 

observed from the figure that, as the concrete cover decreases, the required embedment length to 

develop 60 ksi (414 MPa) increased. The general area outlining these combinations of concrete 

cover and embedment length is indicated in grey in Figure 2-7.  

 
Figure 2-7 Graph indicating results from all pull out tests. 

 

2.4.2 BEAM TESTS 
 

Failure mechanisms for beam specimens was in the form of flexure cracks (see Figure 

2-8a) and flexure-shear cracks (see Figure 2-8b). These cracks opened up further upon continued 

loading and connected on the bottom side of the test specimens along the splice length as shown 

in Figure 2-8c and Figure 2-8d. Figure 2-9 presents the measured strain data results from the 

beam specimens tested. Data from specimen B5 could not be recorded due to malfunctioning 

strain gauges. In these load vs strain graphs each marker corresponds to a different strain gauge, 

the position of the strain gauge is mentioned in the legend and also graphically marked on the 
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plan view for clarity. For specimens B1 to B6 all the strain gauges were placed at a distance of 

6db from the end of the bar (Figure 2-9a to Figure 2-9d). For specimens B7 to B12 the strain 

gauges were placed at different locations for each of the bars (see Figure 2-9e to Figure 2-9k). 

This was done to capture the strain distribution of the rebars along the splice length and 

understand the bond stress distribution. It can be observed from these graphs that the maximum 

strain at 6db in the rebars for B1 to B6 are all below yield point. The strain response in these 

specimens also remains linear until specimen failure indicating that no bond failure has taken 

place. Similarly, For Specimens B7 to B12 the response remains linear till the rebars reach their 

yielding strains and a plateaued strain response observed beyond this point. Table 2-6 gives the 

comparison of the surface strains measured through the LEDs and the rebar strains. In this table, 

εsurface is the average recorded strain value on the concrete surface at the rebar level in the splice 

region. ε6db and ε8db represent the strains recorded though the strain gauges on rebar at the 

corresponding locations. From this table it can be seen that for specimen B1 with a clear cover of 

2db, the measured concrete surface strain is 0.002 and the strain on rebar is 0.0017. The bar did 

not fully developed before the specimen experienced flexural failure. For Specimen B2, which 

has same clear cover as specimen B1 with reduced side cover, had a higher difference between 

the measured surface and rebar strains. The surface and rebar strains measured were 0.0022 and 

0.0015 respectively. This strain difference is further increased as both concrete cover and side 

cover are reduced in test specimens B3, B4 and B6. For Specimens B7 to B12, which have a 

higher clear cover and concrete cover, the yielding point was reached for all the bars, and lower 

difference between surface strain and concrete strains were observed. None of the beam 

specimens failed in bond failure. Thus, the values obtained from these beam tests provide a 

lower bound estimate for bond stresses for rebar in UHPC. 
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Figure 2-8 Failure mechanisms in beam specimens 

 

Table 2-6 Comparison of strains in beam test specimens 

Specimen 
Bar 
Size 
(US) 

Clear 
cover 
(db) 

Side 
cover 
(db) 

εSurface ε6db ε8db 

B1 #6(M19) 2.0 - 0.0020 0.0017 - 
B2 #6(M19) 2.0 1.3 0.0022 0.0015 - 
B3 #7(M22) 1.7 - 0.0025 0.0013 - 
B4 #7(M22) 1.7 0.9 0.0029 0.0012 - 
B6 #6(M19) 1.3 1.3 0.0021 0.0013 - 
B7 #6(M19) 2.0 - 0.0015 0.0027 - 
B8 #4(M13) 2.0 2.0 0.0043 - 0.0048 
B9 #4(M13) 3.0 - 0.0021 0.0020 - 
B10 #4(M13) 3.0 2.6 0.0037 0.0027 0.0025 
B11 #4(M13) 2.4 2.4 - 0.0018 0.0037 
B12 #5(M16) 2.4  0.0029 0.0020 - 
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Figure 2-9 Load versus rebar strain data 
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2.5 DISCUSSION OF RESULTS 
 
Based on the results presented above, the following observations are made on the effect of 

embedment length and concrete cover on bond development. A discussion on the bond stress 

distribution along the length of the rebar is also presented in this section. 

2.5.1 EFFECT OF EMBEDMENT LENGTH 
 

The effect of embedment length on bond development of rebar in UHPC was obtained 

from the rebar pullout tests. The values of maximum bar stress at specimen failure are plotted in 

correlation to the embedment length in Figure 2-10, with the dashed line indicating a stress value 

of 60 ksi (415 MPa). It can be observed from this graph that the bar stress that can be developed 

increased with the increase in the embedment length. A minimum embedment length of 8db with 

a concrete cover of 3db is sufficient for the rebar to develop a stress of 60 ksi (415 MPa), barring 

the exception of one outlier in which a bar stress of only 40 ksi (275.8 MPa) was observed. 

Further, it is also observed that increasing the embedment length to 10db resulted in bars 

consistently achieving a minimum stress of 60 ksi (415 MPa) at specimen failure for concrete 

covers as low as 1.8db.  

 
 

Figure 2-10 Measured bar stress at specimen failure vs embedment length 
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2.5.2 EFFECT OF CONCRETE COVER 
 

Figure 2-11 shows the correlation between normalized bond stress and concrete cover (Cb) 

values. A clear trend can be observed from this graph for the effect of concrete cover on bond 

strength. An increased concrete cover allows for a higher bond stress development. It can also be 

seen from this graph that test setup has considerable impact on bond development. The higher 

tensile stress state of the rectangular block in pull out tests has resulted in lower average bond 

stress values.  Table 2-7 and Table 2-8 shown below provide the average uniform bond stress 

value recorded for different concrete covers. This data is then used to obtain the lower bound 

estimate for the embedment length required to develop 60 ksi (414 MPa) rebar stress for 

different concrete covers and is presented in Table 7 and Table 8. It should be noted that these 

tables in predicting the required embedment length assume a uniform bond stress distribution for 

the entire development length.  

 
Figure 2-11 Average bond stress vs clear cover 

Table 2-7 Minimum embedment length 
requirement (Pull out tests) 

Concrete 
Cover 

Cb 

Average Bond 
stress 
(ksi) 

Ld (db) required 
for 60 ksi bar 

stress 
1.6db 1.4 10.7 

2db-2.4db 1.6 9.3 
2.8db-3db 2.1 7.3 

3.5db 1.9 8 
1 in = 25.4 mm, 1 ksi = 6.9 MPa 

 

Table 2-8 Minimum embedment length 
requirement (Beam Tests) 

Concrete 
Cover 

Cb 

Average Bond 
stress 
(ksi) 

Ld (db) required 
for 60 ksi bar 

stress 
0.7db-1db 1.6 9.4 

1.2db-1.5db 2 7.5 
1.8db-2db 2.3 6.5 

3db 2.4 6.3 
1 in = 25.4 mm, 1 ksi = 6.9 MPa 
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2.5.3 BOND STRESS DISTRIBUTION ALONG THE DEVELOPMENT LENGTH 
 

Figure 2-12 shows the plots for bond stress variation along the development length of rebar 

for the beam specimens B7 to B12 at peak load. In these graphs the vertical axis on the left 

represents the average bond stress values, and the vertical axis on the right represents the 

recorded strain in rebar. The solid line with the grey fill underneath is a representation of the 

calculated average bond stress distribution along the rebar. It can be observed from these graphs 

that the bond stress distribution is not uniform. The bond stresses from each specimen are 

normalized with respect to the observed peak value and the average from all 6 specimens is 

presented in Figure 2-13. It can be seen from this figure that nearly 60 % of the rebar forces are 

developed in the first 3db. This non uniform behavior is consistent with the bond stress 

distribution observed by Azzinamini et al. [31] in high strength concrete. 

 
Figure 2-12 Stress Distribution along development length of the rebar  
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Figure 2-13 Normalized average bond stress distribution 

 

2.6 COMPARISON OF RESULTS WITH EXISTING LITERATURE 
 
Using the code provisions of Association Française de Génie Civil (AFGC) – Service 

d'étude des transports, des routes et de leurs aménagement (SETRA) [32], the length required for 

a 60 ksi (414 MPa) rebar embedded in UHPC with a concrete cover of 3 to 3.5 db to develop its 

yield capacity is calculated to be 8.75 db. Yuan and Graybeal [21] also proposed a minimum 

embedment length of 8db with a concrete cover of 3db to develop 75 ksi (518 MPa) bar stresses. 

The results obtained from the tests conducted as part of this study (see Table 2-7) are in 

agreement with the AFGC SETRA [32] and Yuan and Graybeal [21] recommendations. The 

average bond stress values observed in the tests performed as part of this study are in the range 

of 1.4 ksi – 2.4 ksi (9.7 MPa – 16.6 MPa), which are similar to the values obtained by Lagier et 

al. [27]. The bond stress values observed in the Yuan and Graybeal study varied from 2 ksi to 5 

ksi (13.8 MPa – 34.5 MPa). The higher values of average bond stress values observed in their 

study compared to this study can be attributed to the differences in test setup and a larger range 

of test variables. Further, as explained above in section 2.5.2 the values obtained as part of this 

study provide a lower bound estimate.  
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2.7 EQUATION FOR BAR DEVELOPMENT LENGTH IN UHPC 
 
Equation (2-1) shows the design equation for development length for reinforcing bars in 

normal and high strength concrete as per ACI 318-14 [18].  

𝑙𝑙𝑑𝑑 = �
3

40
 
𝑓𝑓𝑦𝑦
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The above equation is rearranged and simplified to obtain Equation  (2-2) . In this equation 

fy is replaced with fs, which is the maximum bar stress that can be achieved for a given Cb and ld. 

Also, Ktr is simplistically assumed to be zero and the factor Ψe and Ψt are assigned a value of 1 

as per ACI 318-14 [18]  .  

𝑓𝑓𝑠𝑠 =
40
3
 
𝑐𝑐𝑏𝑏
𝑑𝑑𝑏𝑏

 
𝑙𝑙𝑑𝑑
𝑑𝑑𝑏𝑏

 �𝑓𝑓𝑐𝑐′  Ψ𝑠𝑠   
(2-2)  

 

The above equation is used as a basis to arrive at a similar relationship for rebar 

development length in UHPC. To this effect, data gathered from the beam tests performed in this 

study and the results from Fehling et.al. [25], Yuan and Graybeal [21] and Saleem et al. [26] are 

compared with the predicted bar stresses as per the ACI 318-14 relationship (Equation  (2-2) 

).These tests are chosen based on the rationale that they all use UHPC with 1.5-2% steel fibers 

and are performed on uncoated steel rebar. The results of this comparison are presented in Figure 

2-14. It can be seen from this graph that a consistent linear trend exists between the predicted 

values and the recorded values. It should be noted that the ACI equation is developed based on 

normal strength concrete with a uniform bond stress distribution. This results in a linearly 

increasing stress in bar with an increasing embedment length. In the case of UHPC, as explained 
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in section 2.5.3 the bond stress distribution is non uniform and decreases to a value of 11% of the 

peak beyond 6db embedment length. This explains the two outlier points in Figure 2-14 from 

Saleem et al [26] study observed at a predicted value of 120 ksi (see Figure 2-14a). It is possible 

that these predicted values are off the trend due to the extremely high embedment length value of 

48db which results in an inflated prediction using the ACI equation. Based on these observations 

a limiting the value of 10db is assumed for ld.  A linear fit line (dashed line in Figure 2-14a) 

passing through the origin is then used to obtain the scaling factor of 5. The coefficient of 

determination (R2) for this fit line is 0.91.  Figure 2-14b shows the adjusted values with this 

linear scaling factor applied, resulting in the Equation shown below.  

𝑓𝑓𝑠𝑠 =
200

3
 
𝑐𝑐𝑏𝑏
𝑑𝑑𝑏𝑏

 
𝑙𝑙𝑑𝑑
𝑑𝑑𝑏𝑏

 �𝑓𝑓𝑐𝑐′  Ψ𝑠𝑠  (2-3)  
 

It should be noted that, considering the enhanced mechanical properties of UHPC, the 100 

psi limit on √f’c has not been applied in generating the data points for predicted bar stresses. A 

total of number of 148 data points; 19 from beam tests conducted in this study, 74 from Yuan 

and Graybeal [21] and 55 from Saleem et al. [26] study have been included in this analysis. 

Table 2-9 shows the statistical details regarding the test prediction ratio (ratio of predicted values 

to experimental results) as per Equation (2-3). As a comparison the test prediction ratios for the 

ACI 318-14 equation obtained from ACI 408R-03for a total of 157 tests for unconfined 

reinforcing bars have also been included. It should be noted that the Equation (2-3)  does not 

account for UHPC related factors such as variations in fiber content, fiber type and casting 

orientation. Adjustment factors for each of these parameters could be introduced with more 

available test data. 
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Figure 2-14 Comparison of ACI predicted rebar stresses to recorded test results. 
 

Table 2-9. Statistical details for the test prediction ratio as per Equation (2-3) 
 ACI Equation for normal concrete  Modified Equation 
Maximum  2.369 1.962 
Minimum 0.624 0.119 
Average 1.229 0.934 
Standard deviation 0.281 0.281 
Coefficient of variation  0.228 0.301 

 

2.8 CONCLUSIONS 
 
This chapter presents the details of an experimental investigation carried out to better 

understand the effect of concrete cover and embedment length on the bond behavior and 

development of rebar in UHPC. The bond stress distribution along the length of the rebar was 

also studied. A total of 16 pullout tests and 12 beam tests were carried out. The following 

conclusions were reached based on the observations from this study. 

1. UHPC due to its enhanced tensile mechanical properties results in an improved bond for 

reinforcing bars and reduction of development length when compared to regular concrete. 

The measured average bond stress over the entire embedment length varied between 1.4 to 

2.4 ksi (9.7 MPa to 16.6 MPa), which is nearly 5 times the value observed in normal 
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concrete. This suggests that the development length required for rebar in UHPC may be in 

the order of 20-30% of that in normal concrete. 

2. Increasing the embedment length or concrete cover improves the bond performance of 

rebars embedded in UHPC. The required embedment length to achieve 60 ksi (414 MPa) 

decreased with increased concrete cover. 

3. The test setup can have a considerable impact on the observed average bond stress values 

and failure mechanisms. The pullout tests performed in this study subject the UHPC matrix 

to tensile forces across both longitudinal and perpendicular directions to the rebar and thus 

result in a conservative lower bound estimate of the development length required in UHPC. 

Based on the test observations; for a reinforcing bar to develop a stress of 60 ksi (414 MPa) 

a. Using 10db embedment length, a minimum concrete cover of 2db is recommended. 

b. Using 8db embedment length, a minimum cover of 3.5db is recommended. 

4. The bond stress distribution along the rebar embedment length in UHPC is not uniform. 

Very high bond stresses are developed over a short length of 2.5db from the bar free ends, 

accounting for nearly 60% of the maximum stress developed in rebar. So, the development 

of rebar stresses should not be assumed to grow linearly along the embedment length.
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3 EXPERIMENTAL AND ANALYTICAL INVESTIGATION OF END ZONE 
CRACKING AND SHEAR BEHAVIOR IN BT-78 GIRDERS 

 

A version of this chapter has been published as: V. S. Ronanki, D. I. Burkhalter, S. Aaleti, W. 

Song and J. A. Richardson, "Experimental and analytical investigation of end zone cracking in 

BT-78 girders," Engineering Structures, vol. 151, pp. 503-517, September 2017 [33] 

 

3.1 INTRODUCTION 
 
Precast prestressed concrete girders offer several advantages including, high quality, low 

life-cycle cost, and modularity. Consequently, they provide a high performance, economical and 

an overall efficient solution for highway bridge super structures. Over the years however, there 

was a natural progression towards increasing the girder sizes and lengths to meet the design and 

economic constraints. This resulted in an increase in the number of strands in girder cross-

sections, leading to problems related to end zone cracking. It should be noted that end zone 

cracking in itself is not an unknown issue. In the initial developmental stages of prestressed 

concrete girder designs, this problem was observed due to a complete absence of vertical 

reinforcement [34]. Whereas, the problems currently associated with end zone design are more to 

do with the scaling up of the girder size and an increase in the amount of prestressing strands that 

are being used. The consequences of these cracks are concerning. These cracks which naturally 

form near the location of prestressing strands (see Figure 3-1), open up a direct path for moisture 

and corrosives to reach the strands and reinforcing bars. This results in strand corrosion, concrete
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 spalling, and eventually may lead to reduction in the flexural and shear load capacity of the 

member by interrupting the bond between the strands and the concrete.  Excessive cracking in 

the end zones requires the fabricators to epoxy inject the cracks or, in some severe cases, even 

reject the girder.  

 

Figure 3-1 Cracking observed in end zone region of bulb-tee (BT) girders stored at a 
precast yard 

 

Alabama Department of Transportation (ALDOT) had previously implemented a girder 

spanning 165 ft (50.29 m) using a modified bulb-tee (BT) shape girder. In-spite of being 

designed to be in full compliance to the current AASHTO LRFD standards [35], these girders 

would often develop cracks in the end zone regions as shown in Figure 1. A prestressed concrete 

girder spanning 180 ft (54.86 m) was specifically developed for ALDOT with minimal variations 

to standard BT girder formwork. This girder design, designated as BT-78, is a 78 in. (1.98 m) 

deep girder designed with 66- 0.6 in. (15.24 mm) prestressing strands and 10 ksi (68.95 MPa) 

self-consolidating concrete mix. With the increase in the number of strands in the girder, there 

was a need to evaluate the effectiveness of end zone reinforcement details used by ALDOT to 

minimize end zone cracking in this girder. Experimental field testing of instrumented full-scale 

girder specimens with different end zone reinforcement was performed. A non-linear finite 

element analysis (FEA) model for the end zone region was developed and used to explore the 
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influence of design parameters such as strand debonding and draping angle of harped strands on 

the end zone behavior. This FE model was also validated using the field data. This chapter 

presents the details of these experimental and analytical investigations and the resulting 

recommended end zone reinforcement details to minimize end zone cracking in deep girders.  

3.2 HISTORICAL BACKGROUND AND LITERATURE REVIEW 
 
A summary of the basis for end zone reinforcement design and a brief review of studies 

available in the current literature regarding end zone cracking and mitigation is presented in this 

section.  The basis for anchorage zone reinforcement in current design codes comes from the 

experimental and analytical studies carried out by Marshall and Mattock [36] and Gergely and 

Sozen [37] in early 1960s. Marshall and Mattock [36] established an empirical relationship 

between the stirrup forces and the extent of cracking in the endzone, based on experimental 

studies performed on prestressed girders with depths around 25 in. (0.63 m). While, this study 

provided an estimate of the reinforcement required, the analytical and experimental work carried 

out by Gergely and Sozen [37] provided a relationship to quantify the stresses in the vertical 

stirrups for a given crack width. This relationship would allow for the computation of limiting 

stresses on rebar for a permissible crack width. Tuan et al. (2004) [38]  proposed a major 

modification to the distribution of the end zone reinforcement based on the experimental 

investigation of NU-I and NU inverted Tee girders. The authors recommended placing a pair of 

very large bars, designed at a stress level of 20 ksi (137.9 MPa), to resist two percent of the total 

prestress at very near the end of the girder to control the splitting cracks.  The reinforcement to 

resist the remaining two percent of the prestressing force is recommended to be distributed 

across the critical shear section.  The authors also proposed an alternative design of distributing 

the reinforcement to resist the splitting force of four percent along a distance of h/2 from the 
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girder end with 50 percent of that reinforcement placed within a distance of h/8 of the girder end 

[6]. Following this, in a study supported by Virginia DOT (VDOT), Crispino et al. (2007) [39] 

investigated the issue of end zone cracking using an experimentally verified strut and tie models 

on PCBT-63 girders. It was concluded from this study that for the cracks to be within VDOT 

acceptable limits, the stress in anchorage zone reinforcement should be limited to 12 ksi (82.7 

MPa) instead of 20 ksi (138 MPa). Considerable tensile stresses were observed in the region 

between h/4 and 3h/4 and let to a recommendation that this region should also be considered in 

the end zone reinforcement design. Okumus et al. (2012) [40] performed a non-linear finite 

element analysis of the end zone of a Wisconsin BT-54 (54W girder) to understand the end-zone 

behavior during the detensioning sequence. The results from the finite element models were 

verified using experimental data from two 54W girders. After establishing parity with field 

results further models were prepared to examine the effect of release sequence, the effect of 

increased vertical reinforcement in the end zone and the effect of debonding. Based on these 

finite element models, it was observed that using large vertical bars at the girder end limits the 

strains in the web area. Debonding the strands at the girder end directly lowers the stresses 

transferred to the concrete and controls cracking. It was also observed that changing the cutting 

sequence does not particularly influence end zone cracking.  Hamilton et al. (2012) [41] 

performed a multi-component test program for the Florida DOT on FIB girders to evaluate the 

effects of vertical post tensioning, debonding of strands and end zone stirrup distribution to 

mitigate endzone cracking. This study concluded that partial debonding was effective in 

controlling the length and width of the web splitting cracks. Further, it was also seen that 

increasing vertical end zone reinforcement compared to AASHTO [35] requirements decreased 

the length and widths of the web splitting cracks. In a recent study performed by Arab et al. 
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(2014) [42], using a 205 ft (62.48 m) long, Washington State DOT’s WF100G super girder with 

80-0.6 in. diameter (15.24 mm) strands, it was found that longitudinal reinforcement placed in 

the end zone does not aid in the reduction of end zone cracks. This investigation carried out on 

the full span girder also reaffirmed the recommendations made by Tuan et al. (2004) [38] 

regarding the distrubution of end zone reinforcement. A summary of the parameters involved in 

these studies is presented in Table 3-1. All of the above mentioned studies suggested increasing 

the end zone reinforcement and debonding of strands to control cracking.  The effectiveness of 

these recommendations along with a few further modifications such as inclination of draped 

strands were evaluated while arriving at the BT-78 girder design. 

 Table 3-1. Summary of end zone related research from literature 

Study 

Specimen attributes 

Effects examined Results/Recommendations Girder 
depth (in.) 

Concrete 
Strength 

(psi) 

Prestressing 
strands 

Marshall and 
Mattock [36] 

22-25 
(I-Shape) 3700-7190  

0.25-0.5 in 
(Stress 

relieved) 

Presence of vertical 
reinforcement 

Equation to calculate steel required to 
restrict end zone cracking 

Gergely and 
Sozen [37] 

12  
(I-Shape) 4500-5900 No. 7 USSWG 

wires 
effect of vertical reinforcement 

to confine the crack 
Mathematical relationship between crack 

width and provided steel stirrups 

Tuan et.al. 
[38]  

15.8 to 
70.9 (NU 
and NU I) 

5530-11475 
0.5-0.6 in 
(low-lax 
strands) 

Reinforcement distribution in 
end zone 

Revised recommendations for 
reinforcement distribution  

Crispino 
et.al. [39]  

63  
(PCBT-63) 8920  0.5 in (low-lax 

strands) 

Reinforcement distribution in 
end zone and limiting stresses on 

end zone stirrups 

The stress in anchorage zone 
reinforcement should be limited to 12 ksi 

Okumus et 
al. [43]  

54  
(BT-54 W) 6975  0.6 in (low-lax 

strands) 

All effects examined through 
Finite Element Studies:- 

Reinforcement distribution, 
debonding, strand cutting order, 

lowering /removal of draped 
strands, effect of coping upper 

flange 

Increased vertical reinforcement, and 
debonding helps in crack control 

Hamilton et 
al. [41] 

54 to 63 
(FIB) 8730 0.6 in (low-lax 

strands) 

Vertical post tensioning, 
debonding of strands and end 

zone stirrup distribution 

Partial debonding is effective in 
controlling the length and width of the 

web splitting cracks. It was also seen that 
increasing vertical end zone reinforcement 

compared to AASHTO requirements 
decreased the length and widths of the 

web splitting cracks. 

Arab et al. 
[42] 

100 
 (WFG-

100) 
8000  0.6 in (low-lax 

strands) 
Instrumented a full scale girder 

to study stress patterns 

Horizontal reinforcement does not aid in 
Investigation. Agrees with Tuan's re 

distribution of end zone reinforcement. 
1 in. = 25.4 mm. 1000 psi = 6.9 MPa 
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3.3 DESIGN OF BULB-TEE 78 (BT-78) GIRDER 
 
The design and detailing of the BT-78 girder was carried out as per the current ALDOT 

practices [44] and the requirements of AASHTO LRFD code specifications [35]. The girder 

section was designed to span a distance of 180 ft (54.86 m) at 6 ft (1.83 m) girder spacing under 

HL-93 loading. The maximum moment demand on the BT-78 girder at mid-span under the 

service and ultimate load combinations were calculated as 10646 kip-ft (14435.98 kN-m) and 

14673 kip-ft (19896.59 kN-m) respectively. As per ALDOT requirements, the girders were 

designed with simply supported boundary conditions and zero-tensile flexural stresses in 

concrete during detensioning and under service loading conditions. This required the BT-78 

section, to be designed with 10 ksi. (68.95 MPa) concrete with release strength of 8.5 ksi. (58.61 

MPa), and a total of 66-0.6 in. (15.24 mm) diameter bonded strands, including 22 draped strands 

harped at 72 ft, resulting in a draping angle of 3 degrees with horizontal. The number of draped 

strands and the harping location are based on the standard practice used by the local precast 

producer. The cross sectional details of the BT-78 girder are shown in Figure 3-2. The cracking 

and nominal moment capacity of the girder are calculated to be 11694 kip-ft (15093.84 kN-m) 

and 22442 kip-ft (30521.12 kN-m) respectively. The shear reinforcement in the girders was 

designed using current AASHTO guidelines [35] to resist a maximum shear demand of 398 kips. 

Shear reinforcement included 2-legged, #5 stirrups (db = 0.625 in. (15.875 mm), where db = 

diameter of reinforcement) with center-to-center spacing of 4 in. (101.6 mm) , 9 in. (228.6 mm)  

and 18 in. (457.2 mm) depending on the regions along the length of the girder. The end zone 

reinforcement was designed to resist 4% of the total prestressing force of 2900 kips and detailed 

as per the AASHTO requirements [35]. This resulted in a total of 10, #7 stirrups (db = 0.875 in. 

(22.23 mm)) for end zone reinforcement at 4 in. (101.6 mm) spacing over a 20 in.(508 mm) 
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distance from girder end. The reinforcement details of the end zone and shear reinforcement are 

shown in Figure 3-2. The nominal shear capacity of the girder at the bearing location was 

calculated to be 1135 kips (5050.75 kN) as per AASHTO [2]. The comparison of design demand 

and the girder capacity along the length of the girder is presented in Figure 3-3. The moment 

capacity of the section was calculated using the standard strain compatibility approach. The 

reinforcement details for the girder described above will be referred here after as standard 

design.  

 
Figure 3-2. Cross-section and reinforcement details of 180 ft long BT-78 girder 

 

 
Figure 3-3 Demand Vs Capacity curves for BT-78 Standard design 
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3.4  ANALYTICAL MODELLING AND SELECTION OF END ZONE 
REINFORCEMENT DETAILS  
  
The effectiveness of standard design in controlling the end zone cracking during the 

detensioning process was evaluated using a 3D finite element analysis model (FEA model) of the 

BT-78 girder with standard details, developed in ABAQUS Version 6.12 software [13]. Based on 

the results from FEA model, the standard details were modified to minimize the end zone 

cracking. The effectiveness of modified details were further evaluated using finite element 

analysis and were incorporated into test specimens as part of the experimental study presented 

later in this chapter.  

3.4.1 ANALYTICAL MODELLING 
 

Taking advantage of the girder symmetry along its length and depth, to minimize the 

computational time required for analysis, only half the length and half the cross section of the 

full size girder were modelled as shown in Figure 3-4a. Symmetry boundary conditions were 

applied accordingly to this quarter girder model. The pin support condition at the girder end 

during the detensioning was simulated by constraining the girder bottom edge at the free end in 

the vertical direction. As shown in Figure 3-4b, this quarter size girder model was divided into 

three zones, depending on the nature of concrete and steel stresses expected in those regions 

during detensioning. End Zone-1 represents the girder region over a length of 60 db from the 

girder end, where the prestress is assumed to be transferred to the surrounding concrete. This 

region is of primary interest as cracking is typically initiated in this zone and propagated further 

during the detensioning process. This region was discretized using a finer mesh with element 

size varying between 1.5 in. to 3 in. (38.1 mm - 76.2 mm), when compared to the rest of the 

girder to accurately capture the nonlinear variations of critical stresses and strains in concrete and 

steel reinforcement. The End Zone-2 region is located from the end of End Zone-1 to a 
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horizontal distance equal to two times the girder height measured from the girder end. The 

remainder of the girder region from end of End Zone-2 to girder centerline is designated as End 

Zone-3. End zones 1 and 2, End zone 3 were discretized using C3D4 (four nodded tetrahedral 

continuum element) and C3D8 (eight nodded hexahedral continuum element) elements 

respectively [13]. Based on the previous experimental and analytical studies in the literature, 

concrete in zones 1 and 2 is expected to experience non-linear behavior under detensioning due 

to cracking. Thus, the concrete in these zones were modelled using a non-linear material 

behavior as presented in Figure 3-4c. The concrete in End Zone-3 will experience stresses well 

within the elastic region during the detensioning process and thus was modelled using linear 

elastic material to minimize the computational time. 

The prestress transfer mechanism was modelled by applying the prestressing force from a 

strand as a surface traction force on concrete around each individual strand over a length of  60db 

(see Figure 3-4a). This length is the same as the recommended transfer length for prestress 

transfer as per AASHTO LRFD Bridge Design Specifications [35]. This approach of prestress 

force transfer was also adopted by Okumus et.al, [43] in previous analytical studies and yielded 

accurate comparisons with field data.  

Table 3-2 Concrete damaged plasticity parameters used for analytical model 

Dilation Angle Eccentricity Fb0/fc0 K Viscosity Parameter 
31 0.1 1.16 0.67 0.001 
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Figure 3-4 Finite element analysis (FEA) model for BT-78 girder in ABAQUS [13]. 
 

The reinforced concrete behavior was modelled using the damaged plasticity material 

model available in ABAQUS [45]. This concrete material model was chosen, as this considers 

both the failure mechanisms of tensile cracking and compressive crushing and also accounts for 

stiffness degradation, thus providing a better representation of end zone region concrete stress 

state than the other available material models. Table 3-2 gives the parameters used for defining 

the damaged plasticity material model for concrete in girder end zone regions. The dilation angle 

parameter value in Table 3-2 was chosen based on a previous study performed by Bae (2008) 

[46] to accurately model the observed experimental behaviour of a concrete bridge deck. The 

values for eccentricity and viscosity parameter were set to the default values provided by 

ABAQUS. The value for the ratio of biaxial compressive strength to uniaxial compreesive 

strength (Fb0/fc0)  was chosen based on the suggested values by Lubliner et.al [47] for concrete. 

The envelope curve for concrete compressive stress-strain relationship was derived using the 
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Manders Concrete model [48]. The tensile behavior of concrete was represented with a trilinear 

curve. A peak tensile capacity of 0.23�𝑓𝑓′𝑐𝑐 (fc’ is in ksi) was chosen based on the 

recommendations in AASHTO guidelines [35] and subsequently the tensile capacity was 

dropped with increasing strain based on the models of uniaxial tensile stress for prestressed 

concrete developed by Chitnuyanondh et al [49]. The idealized stress strain curve of the concrete 

model adopted is presented in Figure 3-4c. The vertical mild-steel reinforcement in the end zone 

and the shear reinforcement BT-78 were designed for stresses less than 20 ksi (137.9 MPa) 

during the detensioning process. Thus, all the mild-steel reinforcement in the girder was 

modelled using a linear elastic material model. The reinforcing bars were tied to concrete using 

the embedded constraint and were of the element type T3D2 [13].  

Table 3-3 Concrete damaged plasticity parameters used for analytical model 

Dilation Angle Eccentricity Fb0/fc0 K Viscosity Parameter 
31 0.1 1.16 0.67 0.001 

 
3.4.2 EVALUATION of EFFECTIVENESS OF END ZONE MODIFICATIONS  
3.4.2.1 DEBONDING OF STRANDS 

 
The finite element analysis results including the critical strain distribution for the BT-78 

girder with standard details are shown in Figure 3-5a.  Figure 3-5b presents the tensile strain 

vectors and Figure 3-5c presents the compressive strain vectors observed in the end zone region 

due to the prestress force transfer. It can be seen from these figures that the draped and straight 

strands exert large compressive strains in their surrounding regions, causing transverse tensile 

strains to develop in the perpendicular direction (see Figure 3-5d). These transverse tensile 

strains caused cracks in the regions at the draped strands location and at the web and bottom 

flange junction.  
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Figure 3-5 ABAQUS output for BT-78 Standard design (all dimensions in inches) 
 

Further, inclined cracks in the web can occur even without the presence of draped strands 

[34]. The presence of draped strands puts the web in a higher tensile strain state and increases the 

extent of cracking that would otherwise be caused just by the bottom strands. It could be 

discerned from the interplay of these compressive and tensile strains that a reduction in the 

overall stress state of the ends would potentially reduce the extent of inclined crack formation. 

Such a reduction in stresses transferred in the end zone region can easily be achieved by 

debonding a certain percentage of the strands. Thus, we evaluated the debonding of strands as a 

potential solution to reduce the end zone cracking potential of the BT-78 girder. The percentage 

of debonding was calculated based on the results from the finite element model of the girder with 

different percentages of debonded strands and using ALDOT standard practices. Based on the 

results, the standard BT-78 girder design was modified by debonding a total 18% of the bottom 

strands. 

3.4.2.2 DRAPING ANGLE OF THE HARPED STRANDS 
 

The potential for web cracking away from the draped strands as observed in the FEA 

results of the standard design (see Figure 3-6a) is largely due to the internal bending action 

across the beam depth caused by the forces from draped and straight strands. This can be 
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represented with a deep beam of end zone dimensions subjected to point loads and a trapezoidal 

distributed load, as shown in Figure 3-6b. It is clear from the above analogy that reduction in the 

draped strands eccentricity would result in reduction of the moment being created across the 

depth of the beam and the cracking potential of the end zone region. Thus, the reduction of 

draping angle was considered as a possible modification to reduce the end zone cracking and was 

achieved by changing the location of the draped strands at the girder ends. The effectiveness of 

this was evaluated using a FE model of the girder with reduced draping angles. Based on the 

results from the FEA model, input from the precast fabricator and ALDOT specifications [44], 

the location of the draped strands was moved down by 14 in. (355.6 mm)  compared to standard 

design, resulting in a 1.67 degrees reduction in draping angle.  

The effectiveness of a combination of debonding and lower draping was also investigated 

as a potential modification to reduce the cracking in the end zone region. This detailing consisted 

of 18% debonding of bottom strands and a reduced draping angle when compared to the standard 

design. 

 

Figure 3-6 Horizontal web cracking and beam analogy 
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3.4.2.3 ANCHORAGE ZONE MILD STEEL REINFORCEMENT 
 

Based on the state of practice of several state DOTs (ALDOT, WSDOT, Oklahoma DOT) 

the potential of modifications such as, inclusion of longitudinal reinforcement and increased 

vertical reinforcement closer to the end zone to reduce cracking were also investigated. FEA 

models of BT-78 standard girder were developed with the longitudinal reinforcing bars and 

increased vertical end zone reinforcement. The results showed no difference between the end 

zone region stress states of the girder with and without horizontal reinforcement. The stress in 

the horizontal rebar was less than 0.5 ksi, indicating ineffectiveness of these bars to provide any 

positive effect to minimize end zone cracking. This was also observed in an experimental study 

of the Washington State DOT WFG100 super girder by Arab et al. [42]. Additionally, providing 

this longitudinal reinforcement can lead to congestion problems and constructability issues. 

Thus, inclusion of horizontal reinforcement was not considered while developing possible 

solutions.  

The effectiveness of increasing the amount of vertical reinforcement was investigated by 

replacing the #7 bars placed at 4 in. spacing in the standard girder end zone with #8 bars at 3.25 

in. spacing. It was observed that this increase had no significant effect on the concrete strains in 

the end zone region (see Figure 3-7). There was a reduction observed in the stresses of the rebar 

from 7.7 ksi to 6.9 ksi. It has to be noted that both these stresses are well below the AASHTO 

specified limit of 20 ksi and any increase of reinforcement would cause congestion problems at 

site. Thus this modification was deemed redundant and was not considered as a possible solution 

to mitigate the end zone cracking in the BT-78. 
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Figure 3-7 FEA comparison of increased reinforcement with standard design 
 

3.4.2.4 SELECTED TEST SPECIMEN DETAILS 
 

Based on the FEA results, the reduced draping angle and debonding were considered as the 

economical and practical modifications for reducing the cracking potential in BT-78 end zone 

regions. A total of four specimen designs, including the standard design were finalized for 

further experimental evaluations. The specimen designs had the following internal 

configurations: (1) 44 straight strands and 22- draped strands with standard draping angle in line 

with current ALDOT practice (Specimen #1); (2) 44 straight strands with twelve strands partially 

debonded and 22- draped strands with standard draping angle (Specimen #2); (3) 44 straight 

strands and 22- draped strands with lower draping angle (Specimen #3); and (4) 44 straight 

strands with twelve strands partially debonded and 22- draped strands with lower draping angle 

(Specimen #4). The draped strands on Specimen #1 and Specimen #2 had a draping angle of 2.9 

degrees. Specimen #3 and #4 had a lower draping angle of 1.67 degrees. Sheathing was added to 

the lower flange strands in a staggered manner for a length of 5, 10 and 15 ft in Specimens #2 
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and #4 according to the debonding requirements in AASHTO [35] and ALDOT standard 

practice. The details of these specimens can be seen in Figure 3-8. 

 

Figure 3-8 Dimensions and prestressing strand details of the test specimen  
 

Figure 3-9 shows the summary of expected end zone cracking for the four test specimens. 

In this figure, the arrows indicate the absolute maximum principal strain vectors whose values 

are above the concrete cracking strain. The strain contours indicated in the diagram are plotted 

over the strain vectors and the strain contour legend gives the specific interval values. The white 

lines indicate the likely crack formation and are not a part of the ABAQUS output. These white 

lines have been drawn based on the assumption that for crack propagation, a sufficient number of 

principal strain vectors needs to be aligned. 
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Figure 3-9 Comparison of FE results from pre-construction analysis (all dimensions in 
inches) 

 

3.5 EXPERIMENTAL INVESTIGATION 
3.5.1 SPECIMEN CONSTRUCTION AND INSTRUMENTATION 

 
Four 54 ft (16.46 m) long BT-78 girder specimens representing the end 54 ft (16.5 m) 

segment of the 180 ft (54.86 m) long girder were cast at the Fortera precast yard in Pelham, 

Alabama. The reduced length for specimens was chosen due to restrictions on the weight and 

length capacities for transportation and testing of the girder in the laboratory. The test girders 

were cast, two at a time, on the same casting bed at the precast plant.  Since the test specimens 

were only segmented versions of the full-length specimens, and to minimize the uplift forces at 

draping points, the girder specimens with the same draping angle were cast at the same time. 

Figure 3-10a shows the reinforcement cage on the casting bed. All of the test specimens were 

extensively instrumented with demountable mechanical gauge targets (DEMEC), and internal 

strain gauges (see Figure 3-10b). The DEMEC gauges were used to study the transfer length of 

0.6 in. (15.24 mm) diameter prestressing strands in combination with a self- compacting concrete 

(SCC) mix. Strain gauges were used to capture the maximum tensile and compressive strains in 

reinforcement and concrete. The strain gauge locations were finalized based on the expected 
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cracking in each specimen from the FEA models. The details of the strain gauge locations are 

shown in Figure 3-10c. 

 

Figure 3-10 Test specimen casting setup and instrumentation details 
 

3.5.2 FIELD OBSERVATIONS 
3.5.2.1 GIRDER CRACKING 

 
The detensioning process for all of the specimens was performed one day after the concrete 

was placed. The measured concrete compressive strength at detensioning was 9483 ksi. (65.385 

MPa) and 9174 ksi. (63.25 MPa) for Pour-1 (Specimen #1 and #2) and Pour-2 (Specimen #3 and 

#4), respectively. The detensioning was done in three pre-determined strand cutting steps, 

following the cutting sequence shown in Figure 3-11a. Within each cutting step, the strands from 

a numerical set (e.g., set 1 to set 13 in cutting step 1) were cut one strand at a time, beginning 
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with the outside strands and ending with the inside strands. Each strand was cut simultaneously 

on both girder ends about six inches away from each girder end using a flame torch as shown in 

Figure 3-11b. The data from strain gauges was continuously collected at a frequency of 10 Hz 

during the detensioning process. The distance between the DEMEC targets were measured after 

the end of every cutting step. The crack locations in the end zone regions were also marked and 

their lengths were captured after every step.  

 

Figure 3-11 Cutting sequence and girder detensioning  
 

The cracks occurring at “Day 0” were recorded immediately after the entire prestress was 

released and the girders were transported to the storage yard. The cracks were carefully digitized 

as shown in Figure 3-12. These cracks occurred in areas as expected from the finite element 

analyses.  
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Figure 3-12 Observed end zone cracking in specimens immediately after detensioning 
 

Specimen #1 (see Figure 3-12a), the control specimen contained more longitudinal web 

cracks than any other specimen as well as more individual cracks overall than any other 

specimen. The cracks observed in Specimen #2 (see Figure 3-12b) were shorter and fewer in 

number than Specimen #1. The cracks observed in Specimen #3 (see Figure 3-12c) were the 

longest observed in any specimen. The large inclined crack was observed immediately after the 

release of the first cluster of strands (strands 1-13 marked in Figure 3-11). It should be noted that 

during the casting of Specimen #3, a large amount of cement paste was seen leaking from the 

end side of the formwork. It is plausible that this lead to a concentration of aggregates without 

the appropriate amount of cement paste which would result in a local strength reduction. This 

explains the large length of cracks formed in Specimen #3. No cracks were observed in 

Specimen #3 at the junction of the bottom flange and the web. No cracks were observed in 

Specimen #4 immediately after detensioning. Figure 3-13 shows the cracking in the end zone 

regions of specimens after transportation to the storage yard at day 8. The overall length of the 

cracks increased from the detensioning day. Cracks in Specimen #4 (see Figure 3-13d) occurred 
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after transportation to the storage yard, these cracks were relatively very short and few in 

number. A qualitative comparison of the growth of crack lengths over time in all four specimens 

is shown in Figure 3-14. 

 
Figure 3-13 End zone cracking after transportation to precast yard (Day 7-8) 

 

 
Figure 3-14 Measured end zone crack lengths in test specimens over time 

 

3.5.2.2 REBAR STRESSES 
 

A more quantitative comparison of the results from the four test specimens was made by 

examining the strain gauge data. The maximum stresses observed in each of the instrumented 

reinforcing bars are presented in Table 3-4 and Figure 3-15 shows the comparison of the strain 
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gauge data observed in all the specimens. It can be seen from these figures that there is a general 

decrease in the bar stresses from Specimen#1 to Specimen #4. The relatively low values of 

stresses seen in Specimen #4 are consistent with the fact that very little cracking was observed in 

the end zone for this girder.  

Table 3-4 Maximum rebar stresses (all values in ksi) 
Specimen No. Bar-1 Bar-2 Bar-3 Bar-4 Bar-5 
Specimen #1 15.2 20.7 3.6 14.1 10.8 
Specimen #2 11.2 5.7 5.4 5.3 15 
Specimen #3 8.4 17.3 7.1 4.0 6.4 
Specimen #4 1.74 4.6 -1.8 1.1 3.4 
Distance from girder end (in) 1.5  5.5 9.5 13.5 17.5 
1 in. = 25.4 mm. 1000 psi = 6.9 MPa  

 

 
Figure 3-15 Comparison of strain gauge data from test specimens 
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3.5.3  TRANSFER LENGTH 
 

The transfer length for the strands in every test specimen were calculated using embedded 

demountable-mechanical (DEMEC) gauges. Transfer length data was captured immediately after 

every cutting step, as well as after the final cut. The transfer lengths were found using the 95 

percent average maximum strain (AMS) method [50]. The average compressive surface strain 

profiles of each specimen along with the average transfer lengths can be seen in Figure 3-16.  

The resulting transfer lengths for the four test specimens varied from 31 db to 53 db (see Figure 

3-16b). In his review of existing research for transfer length, Buckner (1995) [51] notes that 

there is a large scatter in the transfer length observed and recommends a value of 60 db.  This is 

also evident in Figure 3-16b which shows transfer length values as per various studies conducted 

over the years [ [36], [52], [50], [53], [42]]. The values obtained in this study were found to be 

within the current AASHTO guidelines [35]. 

 
Figure 3-16 Comparison of average surface strains from DEMEC measurements and 

transfer lengths of test specimens 
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3.6 COMPARISON WITH FINITE ELEMENT ANALYSIS MODELS 
 
The FEA models were reanalyzed after updating the material properties as measured from 

the testing of concrete cylinders at the time of casting and detensioning. The transfer lengths for 

the prestressing strands used in the models were also updated to the measured values. Figure 

3-17 shows the comparison of the cracks observed in the specimens with the updated FEA 

models. It can be seen from Figure 3-17 that the FEA model maintains a very good qualitative 

correlation for critical stress regions. The critical cracking principal strain vectors predicted by 

the ABAQUS model are aligned with the areas where the cracking was observed in the field. The 

graphs in Figure 3-18 show a quantitative comparison of the strains recorded at the gauge 

locations with the FEA model. Figure 3-18b and Figure 3-18d present the rebar strains from the 

first few reinforcing bars in regions (1) and (3) (see Figure 3-18a). Y- axis represents the strains 

and the X-axis gives the respective Bar No. or distance from the girder end. Figure 3-18c shows 

the measured strains in the first rebar from the girder end. For this graph, the X-axis gives strain 

values and the Y-axis shows the height at which the strain gauge has been placed. It can be 

observed from these graphs that strains from the FEA model follow the same general pattern as 

the strain gauge data. Discrepancies are observed on bar 2 and bar 4 in region (1) of specimen 

#1; on bar 4 in region (3) for specimens #1 and #4 ; and bar 2 in region (3) for Specimen #3. 

Among these discrepancies it can be seen that a concrete crack is passing through the 

approximate gauge location for all specimens except for Specimen #4. The anomaly seen in 

Specimen #4 could be due to an error in the gauge data. 
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Figure 3-17 Comparison of observed visual cracks in specimens with FEA models  

 

3.7 RESULTS FROM LABORATORY TESTING 
 
Following the field investigation, the BT-78 specimens were tested under 3-point loading 

at the large-scale structural testing laboratory (LSSL) at the University of Alabama. These tests 

were performed to verify that the modified end zone details do not lead to any unexpected 

failures at design loads and to monitor any further propagation of end zone cracks under loading.  

The test specimens were simply supported and subjected to point load using a manually operated 

1500 kip capacity hydraulic jack. The test setup used for the load testing is shown in Figure 

3-19a. The load was applied at the center of the span for specimens will fully bonded strands 

(Specimen #1 and #3) and at 34.5 ft from the end zone for specimens with debonded strands 

(Specimen #2 and #4). This was done to ensure full development of all the strands at the 

maximum moment location.   
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Figure 3-18 Comparison of strains from ABAQUS model with field data 
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Figure 3-19 Laboratory test setup and observed force-displacement response 
 

During testing, the load was applied to the specimens in increments of 50 kips up to 500 

kips and subsequently the load was applied at 25 kip increments till significant shear cracking 

was observed. The tests were stopped, when the maximum shear applied to the specimens 

exceeded the design shear demand.  At the end of every increment, specimens were checked for 

cracks and were recorded. Figure 3-19b gives the load displacement curves for all the test 

specimens, the initial crack load indicated is the load at which the first shear crack was observed. 

Flexural cracking was observed only in Specimen #1 at 825 kips.  All the specimens experienced 

significant web shear cracking under loading. For all the specimens, no change was noticed in 

the lengths of end zone cracks prior and during testing. This indicates that the solutions adopted 

to minimize end zone cracking such as lower draping and debonding of strands did not affect the 

performance of the girders in resisting shear loads. A comparison of the web-shear crack 

initiation load to the calculated concrete shear capacity values (Vcw) using design codes are 

provided in Table 3-5. It can be seen from this table that for all the specimen, the measured web 
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shear capacity at the crack initiation is nearly 40% more than the shear capacity calculated using 

current AASHTO guidelines.  

Table 3-5 Comparison of experimental and calculated shear force values 

Specimen Shear force at first 
crack Vcw(kips) 

Calculated concrete shear 
capacity at crack location, Vcw 

(kips) 
Vck/Vcw 

AASHTO ACI AASHTO ACI 
Specimen #1 363 263 380 1.38 0.95 
Specimen #2 400 272 388 1.59 1.09 
Specimen #3 400 269 384 1.49 1.04 
Specimen #4 448 271 376 1.74 1.19 

 
3.8 SUMMARY AND CONCLUSIONS  

 
This chapter presents an integrated experimental and analytical study to develop practical 

solutions for end zone reinforcement details to minimize end zone cracking in a 78 in. deep BT 

girder constructed with a 10 ksi SCC mix. A total of four girder specimens with different end 

zone details were constructed and critical strain data was collected during detensioning process. 

The following conclusions were reached based on the observations from this study: 

1. The girder specimens with standard AASHTO end zone details and debonded strands 

experienced end zone cracking.  The total length of cracks in the end zone region of the 

girders increased over time for all the specimens. The majority of increase was observed 

within the first two weeks from casting and remained unchanged beyond that point. It is 

thus recommended to wait for at least 14 days to perform any inspection of end zones. 

The increase can possibly be attributed to some of the micro cracks (which aren’t visible 

at detensioning) becoming visible during the girder transfer to storage, support conditions 

in the yard and shrinkage of concrete.   

2. The combination of debonding and lowering the draped strands eliminated the end zone 

cracks during detensioning.  In Specimen #4 (lower draping and 18% debonding), the 
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amount of cracking in the end zone reduced by 87 percent in comparison with the control 

specimen (Specimen #1). 

3. The measured transfer lengths for specimens varied significantly. This warrants a further 

in depth study for girders designed with this SCC mix. However, the measured transfer 

length for all specimens was lower than the AASHTO recommended length of 60 strand 

diameters. So, for the design of BT girders with this SCC mix, it is recommended to use 

the AASHTO recommended value. 

4. The maximum rebar stresses measured among all the specimens were within the 20 ksi 

design limit required by the AASHTO code. The combination of debonding and lower 

draping in the end zone greatly reduced the splitting force and end zone cracking. In  

Specimen 4, the measured end zone reinforcement stresses were less than 40% of the 20 

ksi design limit, indicating a possibility in reducing the amount of end zone 

reinforcement needed for BT-78 girders with debonded and lower-draped strands.  Based 

on this study, it can be concluded that the end zone reinforcement designed according to 

current AASHTO requirements, combined with lower draping and debonding will result 

in elimination of end zone cracking in BT-78 girders.   

5. The finite element modeling approach used in this study was able to capture the critical 

strains and possible crack locations with good accuracy when compared with the field 

results. Thus, the feasibility of any new shape or modified end zone details can be 

evaluated using this modeling approach to gain insights into the girder performance 

before implementation. Also, the finite element modeling has shown that, the common 

practice of using horizontal reinforcement in the end zone webs by several DOTs had 
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little-to-no effect on the reduction of principle strains and cracking in the end zone. Thus, 

it is recommended to remove the horizontal reinforcement.  

6. The laboratory testing of girders under three-point loading indicated that the load 

carrying capacity was not impacted by the debonding and lower draping. All the 

specimen resisted shear forces greater than the design values. The concrete web shear 

cracking capacity estimated using the AASHTO [35] guidelines and ACI 318-14 [54]was 

less than the measured capacity by 38% to 74%,  and 20% respectively.  

7. The suggestions presented in this chapter have been experimentally verified and the 

results show a good parity with the finite element models that have been developed. 

Modifications based on these suggestions can be adopted to similarly shaped girders such 

as other bulb-tees and I girders with thin webs. Further, the feasibility of these 

modifications can also be evaluated using the finite element methods discussed 

previously. 
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4 LONG-SPAN HYBRID PRECAST CONCRETE BRIDGE GIRDER USING ULTRA 
HIGH PERFORMANCE CONCRETE AND NORMAL CONCRETE 

 

A version of this chapter has been submitted to PCI Journal and is currently under review. 

4.1 INTRODUCTION 
 
Currently nearly 39 percent of bridges in the United States are 50 years or older, with more 

than 10.4% of bridges listed as structurally deficient and over 13% rated as functionally obsolete [2]. 

This aging infrastructure problem along with the continuous increase in traffic volume on 

roadways and waterways creates a demand for highly durable bridge replacement solutions. These 

solutions need to be economical and must be implemented using rapid or accelerated construction 

methods. For over 60 years, prestressed concrete girders have been used effectively across the US 

because of their durability, low life-cycle cost, and modularity among other advantages. These 

girders are most commonly used for full length, simply supported bridges. The standard I-shape and 

bulb-tee precast concrete girder sections designed and fabricated in lengths up to 160 ft. constitute 

approximately one-third of the bridges built in the United States [17]. Long-span prestressed 

concrete bridge girders can be an effective bridge replacement solution. These girders can meet 

the economic, aesthetic, and environmental considerations by reducing the number of girder lines 

and substructure units in the bridge system.
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Many state departments of transportation (DOTs) use several different methods to increase the 

girder span lengths and girder spacing such as developing new shapes or modifying girder cross-

sections which may accommodate increased number of prestressing strands or facilitate 

implementation of splicing technology and segmental construction. The usage of splicing 

technology is not wide spread among different states due to lack of experience for local contractors 

and the need for a rigorous analysis during design phases compared to traditional construction. 

Incorporating high strength concrete mixes and larger diameter strands (e.g., 0.6 in. and 0.7 in. 

(15.2 mm and 17.8 mm)) is also another method employed by owners to garner greater efficiency. 

For example, state DOTs such as Nebraska (NU girder), Florida (FIB), Virginia (PCEF), and 

Washington (WF 100G), have developed new or modified I-shaped girders for spans in range of 

170 to 200 ft (51 to 61 m) with 6 to 8 ft (1.83 to 2.45 m) girder spacing. These new girders can be as 

deep as 100 in. (2.54 m) (e.g., WF100G) and accommodate in excess of ninety 0.6 in. (15.2 mm) 

diameter strands. It has been observed in the field that the increase of prestressing forces brought 

about by the requirement of increased span or girder spacing leads to new problems, especially 

related to the end-zone cracking (see Figure 4-1). 

According to the current AASHTO LRFD standard [35] and the state of the art research for 

end zone design, the general conclusion is that the end zone reinforcement should resist at least 4% of 

the total prestressing force at transfer and the stress experienced by reinforcing bars is taken to be 

20 ksi or less. Also, as per article 5.10.10.1 of the AASHTO LRFD bridge design specifications 

[35], the reinforcement resisting the splitting force should be placed within a distance of 1/4th the 

height of the girder. These requirements sometimes result in excessive end-zone reinforcement, 

especially in highly prestressed girders leading to constructability issues. Several DOTs have done 

research to arrive at design details to minimize the end-zone cracks. These studies have found that 

solely increasing the vertical reinforcement does not always fully eliminate end zone cracking, 



74 

 

 

rather it sometimes leads to congestion which may have serious consequences on the service life 

and durability of the girder. To completely eliminate concrete cracks, significant increase in the 

tensile capacity of the concrete is required at the end zone. 

 

Figure 4-1 End zone cracking in deep long span prestressed concrete girders 
 

Ultra-high-performance concrete (UHPC) is an advanced cementitious material with 

compressive strengths above 22 ksi (150 MPa) consisting of steel fibers and no coarse aggregate. 

Tensile strengths of steam cured UHPC ranged from 1.2-1.7 ksi (8.2 to 11.7 MPa) [55]. As part of 

the Federal Highway Administration’s research in UHPC, extensive material property tests of this 

material have been performed in the general areas of strength, durability, and long-term stability [3]. 

The research showed very high compressive strengths of 28.9 ksi (199 MPa) for UHPC thermally 

treated at 195°F (90°C) for 48 hours immediately following demolding as specified by 

manufacturer. The modulus of elasticity of the thermally treated material was 7600 ksi (52.4 GPa). 

In last decade, UHPC has been successfully implemented in the US in precast girders (I and π-

shaped girders [56]), precast waffle deck [57], precast UHPC piles [12], and deck connections [16]. 
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With the current need to create bridges with 100-year lifespan and alternatives to replace 

steel bridge girders with concrete girders of approximately equivalent capacity, depth, and weight, 

UHPC is one of the only options currently available. Highly optimized beam cross-sections have 

been created for use of this material (π-shaped girder [56]), but their construction requires 

sophisticated formwork that is both expensive to manufacture and more difficult to use than 

formwork for traditional I-shaped girders. It has to be noted that full girders with UHPC would 

require new and structurally more efficient shapes which take advantage of the higher compressive 

and tensile strengths of UHPC to minimize a significant increase of production costs as commercial 

UHPC mixes are in general 10 to 20 times the cost of standard high-performance concrete. This 

study addresses these challenges, with a hybrid girder concept by combining UHPC and normal 

concrete. The Experimental and analytical research to support the excellent performance of the 

hybrid girder is presented in this chapter. 

4.2 HYBRID GIRDER CONCEPT 
 
Long spanning girders using existing formwork shapes is the most cost effective method to 

implement UHPC in discrete, critical locations which has led us to development of the hybrid 

girder concept. This concept involves using UHPC material in the end zones over a distance equal 

to two times the depth of girder and normal concrete in between, as shown in see Figure 4-2a. 

This arrangement of UHPC in anchorage zones takes advantage of the enhanced compressive (> 22 

ksi) and tensile capacity (> 1.2 ksi) of UHPC to eliminate end zone cracking during prestress 

transfer. This concept has several benefits including, 1) reduction in the quantity of end-zone 

reinforcement thus improving constructability, 2) ability to incorporate an increased number of 

strands in a standard cross-section which may not require debonding or draping to reduce end 

zone stresses, leading to more efficient casting means and methods and potentially increased load 

carrying capacity or fewer girder lines where end stresses limit the design, 3) increase the lateral 
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stability of slender prestressed members with a resulting girder section capable of handling stresses 

with lifting devices inset far from the ends of the beam as the allowable tensile stresses in the UHPC 

section are greater than traditional concrete, 4) enable shallower concrete members capable of the 

longer span lengths thus reducing impacts to hydrology and/or fill quantities, and 5) provide a 

concept that lends itself to segmental construction where UHPC may be utilized in pier segments 

or anchorage zones for spliced post tensioned girders or segments with Normal or Lightweight 

Concrete “Drop In” or main span products improving efficiency of the overall system and limiting 

the cost impact of UHPC. 

The following two casting concepts are envisioned for the pretensioned hybrid girder. Casting 

Concept-1 (see Figure 4-2b) requires the coordination of pouring UHPC and normal concrete at 

the girder main span and end regions. An overlap in the casting will result where UHPC be 

integrated at a stiffer normal concrete interface thus creating a monolithic UHPC-NC end region and 

product prior to detensioning. This concept appears advanced and requires a very coordinated effort 

during pouring to ensure the interface at right location. Therefore, we focused attention on 

Casting Concept-2 (see Figure 4-2c) which minimizes this precision by means of a precast UHPC 

bulkhead with shear keys and block outs for strand placed at a set distance from the girder ends. 

Normal or light weight concrete is then poured between the UHPC bulkheads and wet UHPC is 

poured at the ends. This concept creates two joints, one UHPC to UHPC and the other UHPC to 

LWC or NWC. The entire girder composite product will then be steam cured for 16 to 24 hours 

before prestress release, which will aide in the strength of UHPC to 15 ksi or greater (102 MPa) 

and reduce long-term shrinkage. 
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Figure 4-2 Long span UHPC-normal concrete hybrid girder concept and possible casting 
methods 

 

4.3 INVESTIGATIVE APPROACH 
 
The hybrid girder concept is focused on utilizing existing shapes and design procedures 

for extending the girder spans beyond 200 ft with an average girder spacing of 8 ft to 10 ft. 

The structural response and behavior of such a hybrid girder will be critically impacted by the 

interface performance under different loading conditions. Therefore, it is essential to understand 

and predict the end region behavior including critical stresses, crack formation in deep girders, 

and UHPC to conventional concrete interface shear and rupture behavior. The authors used an 

integrated experimental and analytical approach, as shown in Figure 4-3, to validate the feasibility 

and the structural performance of the hybrid girder. This chapter first presents the details of the 

experimental testing performed to understand the UHPC to normal concrete interface behavior. 
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This is followed by analysis of end zone and shear behavior of 78 in. deep bulb-tee (BT) 

prestressed concrete girders. Subsequently, a three-dimensional finite element analysis (FEA) 

models for the interface and deep girder behaviors were developed and calibrated using the 

experimental data. These calibrated models were further used to evaluate the performance of the 

full-scale hybrid girder under critical design loading conditions derived from the current 

AASHTO specifications [35]. 

 
Figure 4-3 Investigative approach for long span UHPC-normal concrete hybrid girder 

concept 
 
 
4.4 UHPC-NC INTERFACE BEHAVIOR 
4.4.1 PREVIOUS RESEARCH 

 
There are few studies available in literature, investigating the effect of design parameters such 

as interface roughness, normal concrete strength and amount of reinforcement across the interface 

on the UHPC-to-normal concrete interface shear capacity. Muñoz et al. (2014) [58] investigated 

the interface bond strength at eight days for four different degrees of interface roughness varying 

from 0.03 in. to 0.09 in.. Also, Aaleti and Sritharan (2017) [59] investigated the interface bond 

strength for five different interface textures with roughness varying from 0.05 in. to 0.26 in 

and three different concrete strengths. Both these studies used standard slant shear testing 
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procedure (ASTM C882 2012) [60] and contained no reinforcement across the interface. These 

studies showed that the interface capacity was more than the normal concrete shear capacity. 

Crane (2010) [61] and Jang et al. (2017) [62] performed push-off tests on UHPC-NC composite 

specimens with interface grooves with depths of 0.24 in. (6 mm) and 0.4 in. (10 mm) 

respectively. The specimens in these studies weren’t subjected to any external normal forces 

across the interface except few of the specimens had reinforcement across the joint. These 

studies found that interface shear capacities of 0.53 ksi (3.7 MPa) and 0.55 ksi (3.8 MPa) can be 

achieved with 0.24 in (6 mm) and 0.4 in (10 mm) deep groove interface textures. These 

capacities were achieved without any application of normal forces and no reinforcement passing 

across the interface. 

There is very limited research available on the tensile rupture behavior of the UHPC-

NC interface. Muñoz et al. (2012) [58] performed splitting tensile tests (as per ASTM C496) 

[63] and pull off tests (as per ASTM C1583) [64] on small prismatic composite specimens made 

of UHPC and normal strength concrete, which can be used as an indirect measure of UHPC-to-

normal concrete interface behavior under pure bending. They investigated five different 

textures for interface including smooth, chipped, brushed, sandblasted and grooved on the 

rupture strength and found that the splitting tensile capacity varied between 0.54 ksi (3.7 

MPa) to 0.7 ksi (4.8 MPa) with texture roughness. The maximum value observed was for a 

grooved texture. These splitting tension capacity values were higher than the capacity of 

monolithically cast normal concrete specimens. Hussein et al. (2016) [65] performed pull-off 

tests in accordance with ASTM C1404 standard on UHPC-normal concrete composite 

specimens with an exposed aggregate surface finish for the interface. An average tensile stress 

value of 0.82 ksi was measured in this study. These results indicate that, the UHPC-NC 
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composite system with sufficient surface preparation has a tensile capacity in the same range as 

normal concrete monolithic system. A summary of all the studies investigating the UHPC-NC 

interface behavior is provided in Table 4-1 

Even though the previous studies indicate sufficient shear capacity of the UHPC-to-

normal concrete interface, none of the studies fully characterized the load vs. slip behavior 

along the length of the interface. In order to understand the performance of the hybrid girder 

and develop 3D finite element models, it is critical to finely characterize the interface behavior in 

terms of slip, dilation, crack opening and strain development in reinforcement crossing the 

interface. 

Table 4-1 Review of studies dealing with UHPC-NC interface behavior 

Study 
Normal 

Concrete 
(ksi) 

UHPC 
(ksi) 

Number of 
NC_UHPC 
Specimens 

tested 

Test Setup Test 
Characteristics Results 

Banta 
(2005) 
[66] 

5.8 32.3 24 

 

Surface 
characteristics,  
Area of reinf. 
across 
interface, 
Interface Area 

Avg. interface shear stress recorded for 
tests with no rebar & normal force of 
1.6 ksi across interface at failure 
= 0.16 ksi for smooth surface 
= 0.18 ksi for deformed surface 
= 0.29 ksi for keyed surface 
= 0.36 ksi for chipped surface 

Crane 
(2010) 
[61] 

12.2 28.9 
20 (UHPC-

NC push 
off) 

 

Surface 
characteristics,  
Area of reinf. 
across 
interface, 

Avg. interface shear stress recorded for 
tests with no rebar & no applied normal 
force across interface at failure 
= 0.16 ksi for smooth surface 
= 0.37 ksi for burlap roughened surface 
= 0.53 ksi for textured surface (6mm 
deep grooved form liner) 

Harris 
et. Al. 
(2011) 
[67] 

5.0 15.0 

27 (slant 
shear test 

as per 
ASTM 
C882) 

 

Surface 
characteristics 

Avg. interface shear stress and Avg. 
interface normal stress recorded across 
the interface for 60 degree inclination 
at failure 
= 1.4 ksi & 0.8 ksi for smooth surface 
= 1.8 ksi & 1.0 ksi  for chipped surface 
(0.1 in deep) 
= 2.2 ksi & 1.2 ksi for grooved surface 
( 0.2 in deep) 
= 2.2 ksi & 1.2 ksi for surface with 
shear key (0.5 in deep) 

Muñoz 
et.al. 

(2014) 
6.5-8.2 11.6-17.8 

54 (slant 
shear test) 

+ 284 (split 
tensile test)  

 

Surface 
characteristics,  
Angle of 
inclination, 
age of 
concrete, 
freeze-thaw 
cycle effects 

Avg. interface shear stress and Avg. 
interface normal stress recorded across 
the interface for 60 degree inclination 
and at 8 days UHPC age at failure 
= 2.3 ksi & 1.4 ksi for brushed surface 
= 3.1 ksi & 1.8 ksi for sand blasted 
surface 
= 2.4 ksi & 1.4 ksi for roughened 
surface 



81 

 

 

Aaleti 
et. al. 
(2017) 
[59] 

4.2-7.5 15.0-21.0 60 (slant 
shear test) 

 

Surface 
characteristics, 
Casting 
sequence 

Avg. interface shear stress and Avg. 
interface normal stress recorded across 
the interface at failure 
= 3.3 ksi & 2.5 ksi  for texture depth of 
5mm  
= 3.0 ksi & 2.4 ksi  for texture depth of 
3mm 
= 3.2 ksi & 2.4 ksi for texture depth of 
6mm 
= 2.7 ksi & 2.10 ksi for texture depth 
of 1.6mm 
= 2.4 ksi & 1.9 ksi  for texture depth of 
1.3mm 

Jang 
et.al. 

(2017) 
[62] 

5.2 29 

5 (NC-
UHPC 

push off 
test) 

 

Surface 
characteristics 

Interface shear stress recorded for tests 
with no rebar & no applied normal 
force across interface at failure 
= 0.38 ksi for smooth surface 
= 0.87 ksi for water jet finished surface 
= 0.55 ksi for 10 mm grooved surface 
= 0.60 ksi for 20 mm grooved surface 
= 0.74 ksi for 30 mm grooved surface 

Muñoz 
et.al. 

(2014) 
[58] 

6.5-8.2 11.6-17.8 

 284 
 (split 

tensile test- 
as per 

modified 
ASTM 
C496) 

+  
29 

 (pull off 
test - as per 

ASTM 
C1583) 

     

 

Surface 
characteristics,  
freeze-thaw 
cycle effects 

Avg. splitting tensile strength recorded 
across interface  at failure 
= 0.52 ksi for smooth surface 
= 0.54 ksi for sand blasted surface 
= 0.59 ksi for brushed and chipped 
surface 
= 0.7 ksi for grooved 
 surface 
Avg. pull off tensile strength recorded 
across interface  
= 0.33 ksi for sand blasted surface 
= 0.32 ksi for brushed surface 
= 0.37 ksi for grooved surface 
= 0.35 ksi for Rough surface 

Hussein 
et. Al. 
(2011) 
[65] 

10.8 23.0 

9 
 (pull off 
test – as 

per  ASTM 
C1404) 

 

Surface 
characteristics 

Avg. pull off tensile strength recorded 
across interface at failure 
= 0.42 ksi for smooth surface 
= 0.73 ksi for sandblasted surface 
= 0.82 ksi for Rough surface 

 
4.4.2 EXPERIMENTAL PROGRAM 
4.4.2.1 PUSH-OFF TESTS 

 
Small-scale push off tests were performed on UHPC-normal concrete composite 

specimens with a 0.2 in. (5 mm) groove texture, as shown in Figure 4-4a. The composite 

specimens consisted of a 9 in. x 8.5 in. (228 mm x 216 mm) rectangular normal concrete block in 

interface with a 7 in. x 5.5 in. (178 mm x 140 mm) rectangular UHPC block. The normal concrete 

block was proportioned to be slightly larger than the UHPC block and provided with #2 closed 

shear hoops to ensure that there is no premature shear failure of the normal concrete block. In 

order to simplify the test setup, 0.625 in. diameter high strength threaded rods were used as 
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longitudinal reinforcement. These rods enabled to attach the steel beams to the composite 

specimens as shown in Figure 4-4a to apply loading in line with the interface. The Normal 

concrete portion of the composite specimen were first cast with a standard 5 ksi concrete mix, 

using a form liner to create the grooved interface texture. The form liner was used to create 

consistency in the interface texture between samples. after 7 days from casting the normal 

concrete, UHPC portion was cast using a commercially available UHPC mix, Ductal® produced 

by Lafarge®North America. The dimensions and the texture details are shown in Figure 4-4b. 

A total of three specimens with a constant interface area and varying amount of 

reinforcement across the interface were tested to failure. The amount of reinforcement was 

varied from no reinforcement to four #3 bars across the interface (see Table 4-2). The measured 

normal concrete and UHPC compressive strength on the day of the test were 6.5 ksi and 21 ksi 

respectively. The specimen was subjected to shear loading using a hydraulic jack as shown in 

Figure 4-4a. The test specimens were instrumented with load cells and an Optotrak® surface 3D 

displacement measurement system to measure the applied loading and interface slip, respectively. 

The reinforcement across the interface were instrumented with strain gauges to monitor the 

engagement and contribution of rebar to interface strength. All three specimens failed along the 

interface, with interface failure occurring on the normal concrete side, as shown in Figure 4-5a. 

The slip along the interface was measured using the LED targets and the measured load vs. slip 

response of each test specimen are shown in Figure 4-5b. The summary of the test results is 

presented in Table 4-2 below. The maximum average shear stress measured along the interface 

for the specimen without rebar is 0.49 ksi. This value is in the similar range as the interface shear 

strength of 0.53 ksi and 0.55 ksi measured in research studies in literature by Crane (2010) [61] 

and Jang et al. (2017) [62], respectively. Thus, this value is taken as the cohesive strength of this 
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interface for finite element modelling. Figure 4-5b shows that, for specimens SP-R2 and SP-R4, 

an increase in load carrying capacity is observed from 0 kips to 12 kips and 10 kips to 28 kips 

respectively without any increase in slip. This can be attributed to a mechanical interlock aided 

by the presence of the reinforcing bars was engaged before the surface interface cohesion 

capacity was reached. In specimen SP-R2 and SP-R4 a higher shear capacity of 0.62 ksi and 0.96 

ksi was obtained due to the additional contribution from the presence of 2- #3 bars in SP-R2 

and 4-#3 bars in SP-R4 across the interface. The measured average shear stiffness parameter (Ktt ) 

of the interface is 49.33 k/in3. 
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Figure 4-4 Push-off test setup and specimen details 

 
Figure 4-5 Push-off specimen failure and measured load vs. slip responses 

 

Table 4-2 UHPC - Normal concrete push-off test specimen details and measured capacities 
Specimen 

Name 
Reinforcement Area 

across interface 
(in2) 

Interface 
Area 
(in2) 

Peak 
Load 
(kip) 

Shear 
Stress 
(ksi) 

Slip at 
peak load 

(in.) 
SP-R0 0.0 63.68 30.94 0.49 0.01 
SP-R2 0.22 61.43 38.14 0.62 0.01 
SP-R4 0.44 62.81 60.55 0.96 0.017 

1 kip = 4.445 kN 1 in. = 25.4 mm 1 ksi = 6.895 MPa 
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4.4.2.2 FLEXURAL TESTING OF UHPC-NC INTERFACE 
 

Four small-scale UHPC-normal concrete hybrid beam specimens tested to failure under 

flexural loading to characterize the interface rupture behavior. These composite beam specimens 

consisted of two 32 in. (0.81 m) long rectangular normal concrete beam segments combined 

using UHPC (see Figure 4-6a). The normal concrete segments had a surface texture on top 

face along the length, and vertical face at one end. The texture on vertical face was deep 

grooved texture, same as the texture used for push-off specimen. The hybrid beam specimens 

were 6 in. (150 mm) wide, 8.25 in. (209 mm) deep and 6 ft (1.83 m) long. All the specimens 

consisted of 2#4 bars for longitudinal reinforcement and no shear reinforcement. 

 

 

Figure 4-6 Flexural testing specimen details and test setup 
 

These specimens were constructed by first casting the normal concrete segments with a 

form liner placed against the interface region. Subsequently, after the normal concrete had 

gained strength for 28 days, UHPC block was poured. The #4 reinforcing bars used in these 

specimens were spliced for a length of 6 in. (150 mm) in the UHPC block. It should be noted that 

an additional layer of UHPC is also cast on top of the beam to increase its capacity and enable 

higher loads across the interface. This method of casting may be viable for more efficient deck 
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bulb tees comprised of UHPC and conventional concrete which the authors intends to study in 

the future. All the four specimens were tested using four point bending test setup as shown in 

Figure 4-6b, keeping the vertical UHPC-normal concrete interface in a constant moment region. 

The loading was applied using a hydraulic jack under load control. The measured compressive 

strength for normal concrete and UHPC on day of the testing were 6.53 ksi and 21 ksi, 

respectively. The specimens were extensively instrumented with Optotrak® LED targets, string 

pots to capture local deformations across the interfaces and global displacements of the beam. 

The average strains in the constant moment were measured at seven locations along the height of 

the beam using LED pairs as shown in Figure 4-6b. The crack opening across the interface, the 

average strains along the height of the specimens and neutral axis depth were also obtained from 

the LED targets. The measured bending moment value at the initiation of the crack was used 

along with the transformed section properties and the experimentally obtained neutral axis depth to 

calculate the rupture strength of the interface. The calculated rupture strength values for the test 

specimens are presented in Table 4-3. 

Table 4-3 UHP-NC interface flexural testing results 

Specimen Name 
Cracking Load 

(kip) 
Rupture strength 

(ksi) 
Failure Load 

(kip) 
Beam-1 2.2 0.45 12.68 
Beam-2 2.6 0.44 13.34 
Beam-3 2.2 0.46 12.76 
Beam-4 1.9 0.39 11.36 

1 kip = 4.445 kN; 1 ksi = 6.895 MPa 
 

4.4.2.3 ENDZONE CRACKING AND SHEAR TESTING OF BT-78 GIRDERS 
 

As part of a research project supported by Alabama Department of Transportation 

(ALDOT), the effectiveness of various reinforcement detailing on mitigating the endzone 

cracking, and its impact on girder shear behavior were evaluated using a 78 in. (1.98 m) deep 
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bulb-tee (BT-78) girder. The girder specimen consisted 66-0.6 in. (15.24 mm) prestressing 

strands (see Figure 4-7a) and was constructed using 10 ksi (68.95 MPa) self-consolidating 

concrete mix. A total of four 54 ft (16.46 m) long BT-78 girder specimens representing the end 

54 ft (16.5 m) segment of the 180 ft (54.86 m) long girder were cast with different end zone 

reinforcement details. All the test specimens were extensively instrumented with concrete and 

steel strain gauges to capture critical strains in end zone during detensioning. The observed 

end-zone cracking in one of the specimen is shown in 7b. More details about the experimental 

field testing can be found in Ronanki et al. (2017) [33]. The results from this study obtained at 

release will be utilized herein to check the adequacy of the finite element models in capturing the 

behavior of deep prestressed girders. All four specimens were tested at the large-scale structural 

testing laboratory (LSSL) at the University of Alabama, using a using a three-point loading test 

setup as shown in Figure 4-7c. All the test specimens were subject to loads in the order of 800 

kips, to cause significant shear cracking. More details about testing and results can be found in 

Burkhalter (2016) [68]. All the test specimen experienced web shear cracking prior to reaching 

the peak load as shown Figure 4-7d. The measured force vs. displacement response is shown in 

Figure 4-7e. 
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Figure 4-7 Details of BT-78 girder field end zone monitoring and laboratory shear testing 

 

4.5 CALIBRATION OF FINITE ELEMENT MODELS 
 
The finite element (FE) analyses used in this study are performed in ATENA V5 

software [69] and used nonlinear material behavior for all elements, material types (i.e., normal 

concrete, steel and UHPC). The specimen geometries are built largely using 8-node brick elements. 

For the cases where the geometry wouldn’t allow for a brick element, 6-node wedge elements 

were used. These elements were chosen over tetrahedral elements because of the higher degree 

of accuracy of results that these elements offer. In all the finite element analysis models adapted 

in this study, the application of prestress is performed through the prestressing load module in 

ATENA [69]. Further, the interaction between any mild-steel reinforcement and concrete or 
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UHPC was modelled using a bond stress-slip model.  The parameters needed for the bond-slip 

models were adopted from the CEB-FIP model code [70]. 

4.5.1 MODELLING OF UHPC-NC INTERFACE BEHAVIOR 
 

The interaction between the UHPC and normal concrete at the interface is modelled 

using a constitutive contact model named interface material model, available in ATENA [69]. 

The behavior of this contact model is characterized by shear stiffness, tensile stiffness, cohesion 

strength, tensile strength and coefficient of friction. These parameters were chosen based on the 

experimental work discussed previously in this chapter. The value of shear stiffness, Ktt and 

cohesive strength, C were obtained from the push-off tests. These values govern the tangential 

behavior of the interface element (see Figure 4-8). The value of tensile stiffness, Knn and tensile 

strength, ft were obtained from the UHPC-NC composite beam tests. These values govern the 

normal behavior of the interface element (see Figure 4-8). The value for the coefficient of friction 

is taken from the study conducted by Aaleti and Sritharan (2017) [59], which used slant shear 

specimens to obtain the effect of normal force on the enhancement of shear strength. In order to 

examine the degree of accuracy in using these parameters to capture the interface behavior, both the 

push off tests and beam test specimen were modelled in ATENA [69] and the analytical results 

were compared with measured experimental values. For all the test specimens, the normal concrete 

properties such as young’s modulus and modulus rupture were calculated using ACI 318-14 [18] 

code equations. The interaction between the rebar and the concrete was modelled using a bond slip 

model, with parameters recommended in the CEB-FIP code [70]. The stress-strain behavior of 

UHPC was modelled using a user defined cementitious material model, representing the material 

behavior proposed by Graybeal (2006) [3] and Sritharan et al. (2003) [55] respectively. Table 4-4 
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and Table 4-5 summarize the critical material and interface model parameters used in the FE 

analysis and calibration of test specimen. 

 

Figure 4-8 Figure showing interface element parameters 
 

Table 4-4 UHPC and Normal concrete modeling parameters and properties 
Parameter Interface Specimen concrete Hybrid girder concrete UHPC 

Compressive strength 6500 psi 9000 psi 21000 psi 
Modulus of elasticity 4595 ksi 5407 ksi 7590 ksi 

Poisson’s ratio 0.2 0.2 0.2 
Modulus of rupture 604 psi 711 psi 1200 psia 

a post cracking sustained load behavior is also modelled at a peak ft of 1600 psi 
 

Table 4-5 UHPC and Normal concrete interface modeling parameters  
Knn Ktt C ft µ 

7905 kci 0.49 kci 0.52 ksi 0.43 ksi 0.4 
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4.5.2 PUSH-OFF SPECIMEN 
 

The push-off specimen FE analysis models were developed using 8-node linear brick 

elements for concrete and UHPC sections. The shear hoops in the normal concrete block, the 

reinforcement bars crossing the interface and high strength rods were modelled using truss 

elements. The FE model of the test specimen is shown in Figure 4-9a. The comparison of the 

experimental force vs. slip response with the FE model results is shown in Figure 4-9b. It can 

be seen from the Figure 4-9b that the behavior of the specimen with no reinforcement across the 

interface, SP-R0 is accurately captured using the assumed interface properties. However, for 

specimen with reinforcement across the interface, SP-R2 and SP-R4, while the peak load 

values are accurately predicted, the slip at first occurrence of peak load are over estimated by the 

FE analysis. This is possibly due to using truss elements to model reinforcing bars and which 

will not simulate bending stiffness of the rebar. However, for specimen with reinforcement 

across the interface, SP-R2 while the peak load values are accurately predicted, the slip at first 

occurrence of peak load are over estimated by the FE analysis. In specimen SP-R4 which has 

rebar passing across the interface at two distinct levels, the FE model simulation while follows 

a similar trend, it over predicts the failure load. This is possibly due to using truss elements to 

model reinforcing bars and which will not simulate bending stiffness of the rebar.  A further 

refinement of this simulation would be to model the reinforcing bars using 3D solid elements 

with an appropriate contact behavior between the rebar surface and concrete. Such an analysis 

would require further investigation into the contact mechanics of rebar surface and concrete, 

which is beyond the scope of this study. Also, it is important to note that the experimental 

results indicate a sustained peak load for large slip values leading to an eventual failure. This 

behavior is effectively captured in the FE simulations. 
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Figure 4-9 Finite element model and comparison of experimental and FE results for push off 

specimens 
 

4.5.3 COMPOSITE BEAM SPECIMEN 
 

The model for composite beams was also built using 8-node linear brick elements with 

reinforcing bars modelled as truss elements (see Figure 4-10a). The comparison of experimental 

and analytical load vs mid span displacement response and the damage patterns for one of the 

specimen is shown in Figure 4-10c and Figure 4-10b, respectively. It can be seen from Figure 

4-10b that the FE analysis results are accurate in predicting the beam behavior prior to the 

rupture of the interface. Subsequent to the interface separation, the FE model predicted higher 

stiffness compared to experimental response. This is possibly due to the fact that the normal 

stiffness behavior used in interface modelling follows a gradual tension softening rather than a 

sharp degradation. In the experimental specimen once separation occurs between the two 

surfaces at the interface, the behavior is only guided by the stiffness of the rebar, whereas in the FE 

model the interface normal displacements continue to deform by the stiffness values used prior 

to separation.  This limitation of the FE analysis would lead to under prediction of displacements 

only in the case where an interface separation is expected. It has to be noted that for the proposed 
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hybrid girder concept the maximum tensile forces are designed not to exceed the rupture limit 

and hence an interface separation is not expected. The FE model accurately captured peak 

failure load and corresponding damage state of the specimen, as shown in Figure 4-10c and 

Figure 4-10b. 

 
Figure 4-10 Finite element model and comparison of experimental and FE results for 

composite beam specimens 
 

4.5.4 MODELLING OF DEEP BULB-TEE (BT) PRESTRESSED GIRDERS 
 

The FE models for the bulb-tee girder was built using linear tetrahedral elements with a 

characteristic element size for 4 in., as shown in Figure 4-11a. Same FE analysis model was used 

to simulate the release of prestressing strands and the laboratory shear testing (see Figure 4-7), 

with appropriate measured concrete material properties.  The measured average concrete 

strengths at prestress release and at the time of laboratory testing were 9.3 ksi and 11.8 ksi 

respectively. The concrete material parameters used for modelling of girder detensioning 

behavior are presented in Table 4-4. The application of prestress is performed through the 

prestressing load module in ATENA [69]. Further, the interaction between reinforcement and 
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concrete or UHPC was addressed using a bond stress-slip model with parameter values suggested 

in the CEB-FIP model code [70]. The comparison of end zone cracking predicted by the FE 

model with the field observed cracking is shown in Figure 4-11b and it can be seen that the FE 

model can accurately predict the end zone cracking in the specimen. Figure 4-11c and Figure 

4-11d show the comparison of measured and FE model predicted force vs. displacement 

response and girder damage condition, respectively. It can be seen from the Figure 4-11c and 

Figure 4-11d that FE model in ATENA was able to accurately capture the maximum loading and 

expected damage in deep girders due to shear loading. It can be concluded that current modelling 

approach in ATENA can effectively simulate the end zone and shear behavior in deep girders 

and can be used for evaluating the performance of the hybrid girder under different loading 

conditions. 

 
Figure 4-11 Finite element model and comparison of experimental and FE results for BT-

78 girder specimens 
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4.6 ANALYTICAL INVESTIGATION OF HYBRID GIRDER BEHAVIOR 
4.6.1 PROTOTYPE GIRDER DESIGN AND SIMPLIFIED ANALYSIS 

 
Having established a calibrated FE modelling approach and necessary parameters, a 

baseline girder design for a 205 ft simply supported span with normal concrete was developed using 

standard PCEF-95 girder shape to investigate the hybrid girder concept and compare its 

performance to traditional concrete girder design. The PCEF-95 girder shape offers the advantage 

of having enough cross-sectional area in the bottom bulb to accommodate additional prestressing 

strands. It has an 8 in (203.2 mm) thick web enabling a more efficient shear transfer across the 

UHPC-to-normal concrete interface in a hybrid girder. The girder cross-section is designed for 8 

ft. girder spacing using a 10 ksi concrete mix, meeting the current AASHTO LRFD code [35]. 

The service and strength level shear demand for the PCEF 95.5 section for the assumed lane 

configuration are calculated as 408 kips (1816 kN) and 528 kips (2350 kN) respectively. The 

service and strength level moment demands are calculated as 20753 kip-ft (28141 kN-m) and 26847 

kip-ft (36405 kN-m) respectively. This resulted in the girder section with a total of 78 – 0.6 in. 

diameter strands at the girder mid span. The sectional details of the girder at mid-span is shown 

in Figure 4-12a. A concrete strength of 6.8 ksi was used for prestress release to meet the 

AASHTO requirements for critical stresses at release. 
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Figure 4-12 Cross section and reinforcement details of normal and hybrid PCEF girder 

 
The shear reinforcement and end-zone reinforcement for the normal concrete girder was 

de- signed using AASHTO [35] specifications. Shear and end zone reinforcement included 2-

legged, #6 stirrups (db = 0.75 in. (19 mm), where db = diameter of reinforcement) with center-

to-center spacing of 3 in. (76 mm), 6 in. (152.4 mm) and 12 in. (304.8 mm) depending on the 

regions along the length of the girder. The end zone reinforcement was designed to resist 4% of 

the total prestressing force and detailed as per the AASHTO [35] requirements. The end zone and 

shear reinforcement details for the normal concrete girder are shown in Figure 4-12b. The 

UHPC-NC hybrid girder, as explained previously in the hybrid girder concept at the beginning of 

this chapter, is designed with UHPC for a distance of 15.92 ft (4.85 m) on both girder ends. In the 

hybrid girder, as shown in Figure 4-12c, 2-legged, #4 stirrups (db = 0.5 in.) at 12 in. (305 mm) 

spacing for the entire girder length was used as shear and end zone reinforcement. This was 

done using first principles and considering a conservative value for improved mechanical 

properties of the UHPC material. The UHPC material was assumed to have at least the same 

mechanical properties as the UHPC material used in the experimental testing. 
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4.6.2 FINITE ELEMENT MODELLING OF HYBRID GIRDER 
 

Using the validated finite element modelling techniques discussed previously, the feasibility 

of the hybrid girder is now investigated. A full scale 205 ft girder as shown in Figure 4-13a is 

modelled in the finite element software ATENA. The model was divided into three distinct zones 

(see Figure 4-13a), representing various areas of interest.  Zone-1 represents the region over a 

distance of two times the height of the girder from both ends. This zone comprising of UHPC and 

is examined primarily for anchorage stresses, end zone cracking and UHPC-NC interface stresses. 

Zone-2 extends from end of Zone-1 to a distance of 95.5 in. on either end, comprising of 

normal concrete and is examined primarily for interface stresses. The Zone-3 region represents 

the remainder of the girder between the Zone-2 regions on either end.  

Nonlinear cementitious material models are used for modelling the normal concrete and 

UHPC elements and a bi-linear material model is adopted for the prestressing strands. As the 

reinforcing bars stresses are expected to remain within the elastic limits these are modelled as 

linear elastic materials. The constitutive stress-strain relationships that have been implemented in 

the finite element analysis for concrete materials are shown in Figure 4-13b. Meshing in zones 1 

and 2 is done using a typical element size 2 in. Zone-3 is meshed using a typical element size 

of 4 in. The general meshing pattern followed across the cross section is shown in Figure 4-13c. 

The behavior and performance of the hybrid girder under different loading conditions including 

detensioning, maximum moment and maximum shear load cases was evaluated using above 

mentioned FE model. The hybrid girder was assumed to be simply supported for all the loading 

conditions. The analysis of the girder was carried out in stages to mimic the expected 

construction sequence and corresponding loading was applied in three distinct phases. First, a 

stage wise prestressing load is applied on the girder along with the self-weight of the girder to 
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mimic the detensioning at a precast plant. This was followed by applying additional loading to 

girder to account for 8 in. thick cast-in-place deck placement. The authors would like to point 

out to the readers that, ATENA [69] allows for the modelling of stage wise construction by 

allowing the users to add new elements (structural members) to existing models after certain 

load cases such as prestressing are applied. 

 

Figure 4-13 Hybrid girder FE model details 
 
 

For the analysis of maximum moment and shear load cases, an 8 in. thick deck was 

added to the top of the girder to simulate the composite girder/deck section to resist the 

design loads. This beam section was subjected to combined dead load plus live loads 

corresponding to maximum moment and shear in the girder and UHPC-NC interface. The live load 
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applied to girder corresponds to HL-93 (design truck + 640 plf lane load) loading as recommended 

in AASHTO LRFD specifications [35]. 

4.7 RESULTS AND DISCUSSION 
4.7.1 END ZONE CRACKING AT STRAND RELEASE 

 
In order to ascertain the performance of UHPC in the end zone, both principal strain 

contours of the concrete matrix and the vertical rebar stresses are examined. A comparison of 

critical strains in end zone region of the PCEF girder with normal strength concrete and the 

PCEF hybrid girder is presented in Figure 4-14. It can be seen from Figure 4-14a that no 

cracking is expected in the end zone of the PCEF hybrid girder during detensioning. The strains 

across the cross section remain generally well within the cracking strain limit of UHPC. Strains 

above the cracking limit were observed in a small isolated area near the very end of the hybrid 

girder, activating the first rebar close to the girder end. The stresses in this first rebar was found 

to be 17.5 ksi, which is less than 20 ksi (see Figure 4-14b) recommended by AASHTO 

specifications. The low rebar stress also indicates that the cracks (if any) formed would be very 

fine and will not have any impact to structural performance. The Figure 4-14c shows the end zone 

strains in the normal strength concrete girder. It can be seen from this figure that considerable 

amount of cracking is expected in the end zone of a normal strength concrete PCEF girder. The 

bar stresses also exceed the AASHTO limit of 20 ksi (see Figure 4-14d) in the normal strength 

concrete girder. The superior performance in the end zone shown by hybrid girder can be 

attributed to the fact that the splitting forces are being resisted by a continuous UHPC matrix 

compared to discrete rebar locations in the normal concrete. 
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Figure 4-14 Comparison of critical stresses in end zone region of normal concrete and 
hybrid girder 

 

4.7.2 MAXIMUM MOMENT AND MAXIMUM SHEAR LOAD CASE 
 

Figure 4-15 presents the distribution of the interface shear and normal stresses in the hybrid 

girder, from the finite element analysis performed for maximum moment and maximum shear 

load cases. It can be seen from Figure 4-15a that the top and bottom stresses in the hybrid 

girder remain within the AASHTO stipulated limitations (see Figure 4-15a). The maximum 
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c 

observed compressive stress in the girder was 3.9 ksi which is equivalent to 0.43fc
’. There are 

no tensile stresses observed in the girder from the applied dead and live loads.  

 

Figure 4-15 Critical stress distribution in hybrid girder for maximum moment and 
maximum shear load cases 

 

The stresses along the UHPC-NC interface of the hybrid girder were also examined for 

both load cases. Figure 4-15b shows the shear stress demand on the interface from the critical 

load cases. It can be seen from this figure that, majority of the cross-sectional area along the 

interface experiences shear stresses less than 0.49 ksi, the interface shear capacity obtained for 

push-off specimen with no interface reinforcement. In the maximum moment load case, a 
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maximum shear stress of 0.89 ksi occurred at the draped strands location along the interface 

height. In the maximum shear force at the interface load case, the HL-93 truck loading was 

placed directly on top of the interface. As a large portion of the forces acting on the girder are 

dead load and uniformly distributed lane load, the change of truck position did not cause significant 

changes in the stress contours compared to maximum moment load case. The maximum shear 

stress occurred at the draped strand location along the interface and the value of the maximum shear 

stress increased to 0.91 ksi. The maximum shear stress demands across the interface, are less than 

the interface shear capacity obtained for push-off specimen with reinforcement (see Table 4-2). 

The presence of prestressing strands, the higher concrete strength for the girder (9 ksi compared 

to 6.5 ksi concrete used in push-off specimens) and the presence of normal forces will further 

increase the shear capacity of the interface compared to small-scale tests presented in this study. 

The peak value of shear stress in the interface was observed at a distance of approximately one 

third the height of the girder measured from the top and it decreases in magnitude as we move 

away from this position. The distribution of normal stresses across the UHPC-NC interface 

along the height of the interface is shown in Figure 4-15c. It can be seen from Figure 4-15c that 

the majority of cross section at the interface location was under compression as expected. Tensile 

stresses less than 200 psi were noticed over very small area in the vicinity of the draped 

prestressing strands. This can be due to the bond stresses between the strands and surrounding 

concrete. These tensile stress values are well below the interface rupture strength of 0.43 ksi, 

obtained from beam tests. 

 
4.8 CONCLUSIONS 

 
This chapter presents a long-span hybrid girder concept by introducing UHPC in critical 

regions of normal strength concrete girders. Experimental testing was conducted to characterize the 
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UHPC- NC interface behavior. Finite element models for deep girders and UHPC interfaces were 

calibrated using the test results. The calibrated FE models were used to investigate the 

performance of a full- scale hybrid girder. The following conclusions were reached based on the 

experimental and finite element study. 

1. The push off specimen tests indicate that the 5 mm deep UHPC-NC interface has 

sufficient shear capacity to carry the expected loads for a 205 ft long girder. The 

measured shear strength across the UHPC-NC interface varied from 0.49 to 0.96 ksi, 

depending on the amount of reinforcement across the interface. The shear strength 

increased with increased reinforcement area across the interface. 

2. The tensile strength for the 5 mm deep UHPC-NC interface was found to be 0.44 ksi, 

which corresponds to a value of 5.2fc’ of the normal concrete substrate. This value is 

lower than the modulus of rupture of normal strength concrete, indicating the interface 

rupture strength that should be used for performance evaluation or possible cracking in 

the hybrid girder. 

3. The finite element technique and the interface parameters used in this study effectively 

captured the behavior of the interface for the case of no rebar across the interface. The 

failure load and slip values predicted by the model were within 95 % of the 

experimentally measured values. Modeling rebar across the interface using a truss 

element did not fully capture the dowel action and stiffness of the interface. The failure 

loads calculated using the FE models were within 5% of experimental values. However, 

the interface slip values were over predicted by 30% for push off specimen SP-R4. 

4. The finite element models for BT-78 girders were able to accurately simulate the end 

zone cracking during detensioning and the web shear cracking in a BT-78 girder.  
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5. The finite element analysis of the hybrid girder supports that, the hybrid girder scheme 

can completely eliminate the end zone cracking issue in heavily prestressed girder shapes 

such as PCEF 95.5. Further, it will also drastically reduce the amount of end zone 

reinforcement required in comparison to girders designed with normal strength concrete. 

This will greatly reduce congestion issues often observed in the casting of long-span 

girders. No end zone cracks were observed in FE analysis of a 205 ft. long hybrid girder 

for a vertical rebar configuration of 2-legged #4 bars placed at 12 in spacing. 

6. No interface separation is expected in the hybrid girder under HL-93 loading. The normal 

stresses and shear stresses at the interface are well below the measured capacities for the 

5 mm UHPC-NC interface. The hybrid girder details proposed in this chapter can safely 

carry the expected loads of a 205 ft span girder with 8 ft. girder spacing. 
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5 IMPROVING THE DUCTILITY OF BRIDGE PIERS USING UHPC CONFINED 
CONCRETE COLUMNS 

 

A version of this chapter will be submitted to ASCE Bridge Journal. 

5.1 INTRODUCTION 
 
Bridges play an essential role in our society, they connect communities and enable free 

movement of people and goods. They are a critical part of a country’s civil infrastructure. In 

recent years, traffic demand in the US has grown tremendously without a corresponding increase 

in highway capacity. As per FHWA [2], 10.4% of bridges in the US are listed as structurally 

deficient and over 13% rated as functionally obsolete. These bridges need to be repaired or 

replaced in coming years. Maintenance, rehabilitation, or rapid replacement of those bridges 

while ensuring adequate seismic capacity and bridge safety during an earthquake event is one of 

the main points of concern for bridge engineers. In regions subjected to earthquakes, the design 

and detailing of reinforced concrete bridge piers is often controlled by seismic loading. This is 

mainly due to the fact that a large part of the mass subjected to ground motion is located at the 

top of the bridge pier in the form of bridge decks and girders. Earthquakes in the past (see Figure 

5-1), have demonstrated that reinforced concrete piers are vulnerable and indeed a major cause 

for concern within a bridge system. The lessons learnt from these earthquakes have resulted in a 

constant evolution of design codes requirements leading to an improved seismic detailing of 

these systems. One of the most important lesson learned from the past performance of bridges is 
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the capacity design method. In which, a system is designed to undergo large inelastic 

deformations at target locations in the structure. With the development of new materials and 

construction methods, bridge design and analysis has continued to evolve, in an effort to 

facilitate fast, efficient, and cost-effective bridge construction. Two such methods include 

designing using new materials such as ultra-high performance concrete (UHPC) and using 

accelerated bridge construction (i.e., ABC) methods.  UHPC is a relatively new cementitious 

material with improved compressive and tensile properties compared to traditional concrete and 

has been used in the past decade for multiple accelerated bridge construction projects in the U.S 

[20]. UHPC has been predominantly used as joint fill material between precast components such 

as connecting precast bridge deck panels or as material for full-scale bridge girders or foundation 

elements. Due to the significantly higher cost of UHPC compared to traditional concrete, bridge 

solutions which utilize UHPC only in critical regions with normal concrete everywhere else 

result in systems which are both cost effective and durable when compared to traditional 

solutions. Further such hybrid solutions are easily adaptable and facilitate accelerated 

construction with current construction techniques. This incremental manner of improving 

existing practices results in a cost effective way of achieving significant gains in extreme event 

performance and service life of the structure.  

 
Figure 5-1 Damage observed after major earthquakes: (a) Pier collapse after 1994 

Northridge earthquake [71], (b) Kobe expressway collapse after 1995 Kobe earthquake [72] 
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The current seismic design codes [35] require that bridge structures should be designed to 

behave in a ductile manner in the event of a moderate and severe earthquake, so that they can 

undergo large inelastic deformation without significant flexure strength degradation or a shear 

failure. Bridge column design is more critically affected by seismic considerations, compared to 

the design of other parts of a bridge. This is because in current seismic design philosophy, ductile 

regions (i.e., plastic hinge regions), which will experience inelastic strains and deformation under 

a moderate or severe earthquake excitation, are preselected and confined to the column ends. The 

formation of plastic hinges allows the structure to dissipate seismic energy and prevent structural 

collapse. The remaining parts of the bridge structure (i.e., superstructure and foundation) are 

typically designed to respond elastically even under severe earthquake excitations. The column 

ductility capacity is generally achieved by ensuring adequate ductility of the plastic hinge 

regions, which depends on the reinforcement details within and adjacent to the plastic hinge 

regions. Columns with adequately confined concrete cores, with transverse reinforcement and 

sufficiently anchored longitudinal reinforcement, have been shown to have the necessary 

ductility capacity. 

As part of this research, a construction method for improving the ductility of new bridge 

piers along with facilitating accelerated construction is envisioned using UHPC. This method 

involves using a UHPC shell as a permanent formwork and to provide confinement to normal 

concrete core in bridge piers (see Figure 5-2). With the enhanced tensile and bond properties of 

UHPC, a higher level of ductility can be achieved, while reducing the confining reinforcement in 

the plastic hinge regions of bridge piers. Additionally, such a UHPC shell can provide other 

advantages such as, 1) considerably improving the durability characteristics of bridge piers due 

to the high resistance of UHPC to chloride ion penetration, 2) enhancing the shear resistance of 
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the bridge pier because of the improved mechanical properties of the UHPC shell, which is 

present continuously along entire height of the bridge pier, and 3) improving the construction 

times, as the UHPC shell can be designed to with stand the super structure loads expected during 

the construction of pier cap and bridge seating without the core requiring to gain full strength.  

 
Figure 5-2 UHPC confinement 

 

Experimental studies using UHPC jacketing as a retrofitting option for damaged columns 

have been conducted by Farzad et al. [73] and Massicotte et al. [74]. These studies conducted 

cyclic lateral load tests aimed at understanding the general behavior and performance of these 

retrofits under seismic loading. However, the confinement of UHPC towards improvement of 

core concrete behavior is not fully investigated in the literature. Thus, the research presented in 

this paper focuses on characterizing and quantifying the confinement effect provided by a UHPC 

shell. This characterization will help to design the UHPC shell details to substitute and 

compliment the transverse steel reinforcement details in plastic hinge and other regions of the 

bridge columns, and may lead to a more efficient seismic design of bridge piers. Once the UHPC 

confinement effect is characterized, it will also help developing retrofit solutions using cast in 
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place UHPC jackets for existing bridge piers with deficient confinement reinforcement or shear 

capacity.   

5.2 CONFINEMENT EFFECT 
 
The plastic hinge regions in columns are provided with adequate transverse reinforcement 

to confine the core of compressed concrete and to prevent unfavorable failures caused by shear 

or buckling of longitudinal reinforcement. The confinement improves the ability of core concrete 

to sustain large axial compressive strains without experiencing strength degradation. The 

improved compressive behavior such as increase of the crushing strain and the peak concrete 

stress depends on the amount of confinement provided. Figure 5-3a shows mechanism of 

confinement provided by transverse reinforcement. The lateral pressure created due to the 

compressive stresses in the concrete member are resisted by the tensile forces in the confining 

hoops. This effect is a well-studied  by several researchers using numerous experimental and 

analytical studies [75, 76, 77, 48, 78, 79, 80]. Vallenas et al [75] studied the effects of various 

factors such as concrete cover, longitudinal reinforcement and confining reinforcement. The tests 

were conducted on 229 mm (9 in) and 254 mm (10 in) square shaped specimens with varying 

reinforcement configurations. The results from these tests indicated a 10 % increase in peak 

stresses in confined concrete specimens with a considerable increase in ductility. Further it was 

also seen that concrete cover had no effect on the confined concrete behavior. The results from 

this experimental study were utilized to develop an analytical model to predict the effect of 

confinement on peak stress and ductility. Sheikh and Uzumeri [76] studied the effect of 

distribution of longitudinal rebar and the configuration of rectangular hoops on the confined 

concrete behavior of 305 mm (12 in) square shaped specimens. This experimental and analytical 

study proposed the idea of effective confinement to account for the reduced confinement action 
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in rectangular compression members. Based on the experimental observations, several models 

were formulated to define the stress-strain relationship of confined concrete with transverse 

reinforcement. Mander et al. [48] proposed a unified stress-strain relationship for confined 

concrete for both circular and rectangular shapes with varying amount of reinforcement in each 

face. This model used the strain energy equilibrium to predict the ultimate concrete strain. 

Further, the model utilized a single expression for stress-strain relationship in both ascending and 

descending branches unlike the other models. This model utilized the results from experimental 

testing carried out on 500 mm (19.7 in) dia circular specimens and 150 mm x 700 mm (5.9 in x 

27.6 in) wall like rectangular specimens from another companion study conducted by Mander et 

al. [81]. Results from the experimental tests carried out on 450 mm (17.7 in) square columns by 

Scott et al. [77] were also utilized.  

Among several analytical models, Mander et al. [48] is a well-accepted constitutive model 

for confined concrete behavior and is also been used in current AASHTO LRFD bridge design 

specifications [35]. Figure 5-3b shows the comparison between confined and unconfined stress-

strain behavior of a concrete sample with 215.9 mm (8.5 in) diameter and 20.7 MPa (3 ksi) 

concrete compressive strength, calculated using the model proposed by Mander et al. [48]. It can 

be observed from this graph that by providing circular hoops at 101.6 mm (4 in) spacing results 

in an increase in compressive strength from 20.7 MPa (3 ksi) to 34.5 MPa (5 ksi). Further, the 

crushing strain values are also significantly enhanced from 0.004 in./in. to values in excess of 

0.0082 in./in. This increase in failure strain due to the confinement, allows the structure to 

experience higher curvatures in the plastic hinge regions, enhancing the member ability to 

achieve higher inelastic deformation under lateral loading. Thus, this effectively improves the 

ductility of the member. This effect can also be achieved using a UHPC shell confining the core 



111 

 

 

concrete. UHPC has tensile strengths in the order of 6.9 MPa to 11 MPa (1.0 to 1.6 ksi) along 

with a sustained post cracking behavior [3]. A UHPC cross section  with 76.2 mm (3 in) 

thickness and 101.6 mm (4 in) height can sustain tensile forces equivalent to a 13mm dia rebar 

(#4 bar) with 413.7 MPa (60 ksi) yield strength. An experimental evaluation of this theoretical 

confinement effect using a UHPC shell is further examined and characterized in this paper. 

 
Figure 5-3 (a) Confinement effect and (b) behavior of confined vs unconfined concrete 

 

5.3 EXPERIMENTAL PROGRAM 
5.3.1 SPECIMEN DETAILS 

 
The experimental program was conducted in two phases. In the first phase, to gain a basic 

understanding of the confinement effect of UHPC shells, a pilot study on twelve small-scale 

specimens with core diameters of 76.2 mm, 101.6 mm and 127 mm (3 in, 4 in and 5 in) were 

carried out. The ratio of area of UHPC shell thickness to core concrete on these specimens were 

varied from 0.4 to 3, resulting in shell thicknesses of 12.7 mm to 38.1 mm (0.5 in to 1.5 in) (see 

Figure 5-4a). Subsequently, tests were carried out on fifteen larger specimens to understand the 

utility of the UHPC shell both as a retrofit solution and as an option for completely substituting 

the steel confining reinforcement. Further it was also intended to understand the effect of using 

UHPC shells on both square and circular shaped columns. To this effect four different types of 
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specimens were prepared; circular shape with no reinforcement (see Figure 5-4b), circular shape 

with longitudinal rebar and confining hoops (see Figure 5-4c), square shape with no 

reinforcement (see Figure 5-4d), and square shape with longitudinal rebar and confining hoops 

(see Figure 5-4e). These four specimen types had the UHPC shell present continuously along the 

height except for the top and bottom 50.8 mm (2 in) (see Figure 5-4f). The details of all the 

specimens are provided in Table 5-1.  

5.3.2 MATERIAL PROPERTIES AND SPECIMEN CASTING DETAILS 
 

Two different commercially available UHPC mix designs, Ductal JS-1000 and Steelike 

Concrete [28, 82] were utilized in this study. For the remainder of this paper these mix designs 

will be referred to as UHPC-A and UHPC-B respectively. Both the mix designs consisted of a 

proprietary premix. Table 5-2 gives the details of these mix designs and individual components. 

UHPC-A consisted of 12.7 mm (0.5 in) long, smooth, straight steel fibers with circular cross-

section. UHPC-B consisted of 12.7 mm (0. 5 in) long crimped steel fibers and 19 mm (0.75 in) 

long polyvinyl alcohol (PVA) fibers. All of the test specimens with the exception of two of them 

(CC_C12U2_03 and CU_C9U2_03) were casted using UHPC-A. Tensile tests using dog bone 

coupons were conducted for both the UHPC mixes. The average tensile capacity of UHPC-A 

was recorded as 9.2 MPa (1.34 ksi) and for UHPC-B was recorded as 7.4 MPa (1.07 ksi).  
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Figure 5-4 Details of test specimens: a) pilot study specimens b) circular unconfined, c) 
circular confined, d) square unconfined, e) square confined and f) general side view 

 
Table 5-1 Test Specimen Details 

S.no Specimen 
Designation 

Conc. Core 
Dimension 

 (mm) 

Reinforcement UHPC shell 
Thickness 

 (mm) 

Height 

Vertical Confining (mm) 

1 PS_C6U0_Control 152.4 φ NA NA NA 203.2 
2 PS_C3U1.5_01 76.2 φ NA NA 38.1 203.2 
3 PS_C3U1.5_02 76.2 φ NA NA 38.1 203.2 
4 PS_C3U0.5_01 76.2 φ NA NA 12.7 101.6 
5 PS_C3U0.5_02 76.2 φ NA NA 12.7 101.6 
6 PS_C4U1.0_01 101.6 φ NA NA 25.4 203.2 
7 PS_C4U1.0_02 101.6 φ NA NA 25.4 203.2 
8 PS_C5U0.5_01 127.0 φ NA NA 12.7 203.2 
9 PS_C5U0.5_02 127.0 φ NA NA 12.7 203.2 
10 SC_C11U0_Control 292.1 x 292.1 4- M13  M10 @ 101.6 mm NA 685.8 
11 SC_C11U2_01 292.1 x 292.1 4- M13 M10 @ 101.6 mm 2 685.8 
12 SC_C11U2_02 292.1 x 292.1 4- M13 M10 @ 101.6 mm 2 685.8 
13 SC_C11U2_03 292.1 x 292.1 4- M13 M10 @ 101.6 mm 2 685.8 
14 SU_C9U1_01 228.6 x 228.6 NA NA 1 685.8 
15 SU_C9U1_02 228.6 x 228.6 NA NA 1 685.8 
16 SU_C9U1_03 228.6 x 228.6 NA NA 1 685.8 
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17 CC_C12U0_Control 304.8 φ 4- M13 M10 @ 101.6 mm NA 685.8 
18 CC_C12U2_01 304.8 φ 4- M13 M10 @ 101.6 mm 2 685.8 
19 CC_C12U2_02 304.8 φ 4- M13 M10 @ 101.6 mm 2 685.8 
20 CU_C8U2_01 203.2 φ NA NA 2 685.8 
21 CU_C8U2_02 203.2 φ NA NA 2 685.8 
22 CU_C8U2_03 203.2 φ NA NA 2 685.8 

Note: The legend for specimen designation is as follows: PS= Pilot Study; SC= Square Confined; SU= 
Square Unconfined; CC= Circular Confined; CU= Circular Unconfined; CXUY= Core diameter of X inches 
and UHPC shell thickness of Y inches. 

 
Table 5-2 UHPC mix design 
Material Premix 

(kg/m3) 
Water 

(kg/m3) 
Superplasticizer 

(kg/m3) 
Fiber 

(kg/m3) 
UHPC-A 2268 134 31 161 
UHPC-B 2211 199 NA# 140 (steel) + 7.3 (PVA) 
# Superplasticizer is incorporated into the premix 

 

The pilot study test specimens were casted using standard compression cylinder molds (see 

Figure 5-5a), for these specimens the UHPC shells were first poured followed by the casting of 

the normal strength core concrete. The voids for placing core concrete were created using foam 

cylinders. The large-scale square and circular shaped specimens were made by first casting the 

core concrete and then pouring the UHPC shells around them. The normal concrete specimens 

were wetted with water, to create saturated dry condition at time of casting the UHPC. The 

pouring direction for UHPC shells in the square shaped specimens is across the height of the 

specimen (see Figure 5-5b) and for circular specimen the casting direction was along the height 

(see Figure 5-5c). The UHPC specimens once casted were covered with plastic sheets for 24 

hours and transferred to an environmental chamber maintained at 40 oC (104 oF) and 99% 

relative humidity for another 48 hours. 
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Figure 5-5 Casting of a) Pilot study specimen b) square and c) circular shaped specimens, 

arrows indicate the direction of the UHPC pour 
 

5.3.3 TEST SETUP AND INSTRUMENTATION 
 

In order to accurately assess the contribution of confinement in enhancing the axial 

compressive behavior, it was critical that the UHPC shell is not engaged in direct compressive 

loads. To this effect no UHPC shell was cast on the top and bottom 50.8 mm (2 in) of the square 

and circular shaped specimens (see Figure 5-4f). In the case of pilot study specimens, it was not 

possible to leave this gap because of the smaller height of the specimens. Thus, steel plates with 

exact dimension as the core concrete were used to load the pilot study test specimens as shown in 

test setup in Figure 5-6a. Optotrak® 3D displacement measurement system using LED markers 

were used to collect the displacements at multiple locations in all the specimens. The distribution 

of LED markers used in the test specimens is shown in Figure 5-6. The test setup for the larger 

circular and rectangular specimens is shown in Figure 5-6b. These specimens were additionally 

instrumented with DCDTs and strain gauges. All the specimens were subjected to uniaxial 

compressive loads using a 900 kN (200 kip) hydraulic jack for pilot study specimens (see Figure 

5-6a) and 7100 kN (1600 kip) hydraulic jack for the square and circular specimens. The load was 

measured using load cells and pressure sensors. The specimens were loaded at an average rate of 
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67 kN (15 kips) per minute and the data from all the instrumentation was collected at a rate of 10 

Hz using standard data acquisition system. All the specimens were loaded until the compressive 

load dropped below 80% of the recorded peak value and considerable crushing in the core 

concrete was observed. In order to obtain an even surface for loading, a 25 mm (1 in) thick 

gypsum cement (Hydro-Stone ®) layer was casted on top and bottom of these specimens. 

 
Figure 5-6 Test setup of (a) pilot study specimens and (b) square and circular specimens 

 

5.4 TEST OBSERVATIONS 
 
The pilot study test specimens failed by cracking of the UHPC shell followed by the 

crushing of the core concrete. The cracks formed in the UHPC shell were vertical and running 

parallel to the height of the specimen, multiple cracks were seen all around the UHPC shells (see 

Figure 5-7a). These cracks originated near the top or bottom of the specimen and progressed 

towards the center of the specimen (see Figure 5-7b). After cracks opened up completely the 

specimen failed by the crushing of the core concrete (see Figure 5-7c).  Multiple large cracks 

were observed all around in the specimens. This failure mechanism of shell is explained by the 
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improved post cracking tensile strength of UHPC provided by the bridging action of steel fibers. 

This allows the shell to remain engaged and provide a confinement effect even after the 

formation of the first crack. Subsequent to the failure of these specimens a clear separation was 

observed between the core concrete and the UHPC shell, this can be seen in the top view of all 

the specimens in (see Figure 5-7). It was also observed that peak load was achieved after the 

initiation of cracking in UHPC shell. The cracking observed in the specimens PS_C3U1.5 (see 

Figure 5-7d) was less severe when compared to other specimens. This is possibly because of the 

much higher shell area to core area ratio of 3, compared to 0.44, 0.78 and 1.25 in specimens 

PS_C5U0.5, PS_C4U1.0 and PS_C3U0.5, respectively.  

 
Figure 5-7 Figure showing the side view and top view of specimens (a) PS_C5U0.5, (b) 

PS_C4U1.0, (c) PS_C3U0.5, (d) PS_C3U1.5 after testing 
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In the second phase of study, the control specimens with no UHPC confinement displayed 

a failure that is expected in a typical concrete column. The specimen failed by spalling of cover 

concrete followed by the buckling of longitudinal bars (see Figure 5-8a and Figure 5-8d). The 

circular UHPC confined specimens displayed a similar failure as the pilot study specimens. 

Multiple cracks were observed all around the UHPC shell (see Figure 5-8b). These cracks 

originated at either top or bottom and opened up as the loading was increased. The specimens 

ultimately failed by cracking of the core concrete (see Figure 5-8c). The square UHPC confined 

specimens failed through the opening up of a large crack which originated near the corner of the 

specimen (see Figure 5-8e and Figure 5-8f). It should be noted that less severe cracks were also 

observed all around the specimen. These cracks which were not in the corner did not go through 

the full shell thickness. This mode of failure of through the corner cracks are in line with the 

expected stress distribution in a rectangular shell subject to uniform internal pressure as shown in 

Figure 5-9. It can be seen from this figure that the peak stresses are observed in the inside corner 

points. It is also of particular interest that the each face of the shell displays a stress distribution 

which is akin to beam action; compressive stresses on the internal face (indicated by blue in 

Figure 5-9) and tensile stresses on external face (indicated by red in Figure 5-9).This creates a 

resistance against the deformation of the side faces which can result in a confinement effect in 

the middle of the face in addition to the corners. In comparison, rectangular steel hoops would 

not be able to provide a similar resistance to deformation on the side faces because of the much 

smaller cross-sectional dimensions resulting in lower stiffness and resistance to deformation, in 

spite of having a higher material stiffness (200GPa, 29000 ksi) than UHPC (55 GPa, 8000 ksi).  
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Figure 5-8 Specimens (a)SC_C11U0_Control, (b)SC_C9U1, (c)SC_C11U2, 
(d)CC_C12U0_Control, (e)CC_C8U2 and (f)CC_C12U2 after testing 
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Figure 5-9 Stress distribution in a shell subject to uniform internal pressure 

 

5.5 TEST RESULTS 
 
The measured stress strain curves from the pilot study specimens is shown in Figure 5-10. 

In this figure the vertical axis represents the average axial stress, calculated by dividing the 

measured force by the cross sectional area of the normal concrete core. The horizontal axis 

represents the axial strain measured using the LED markers. An idealized stress strain curve for 

the maximum recorded compressive stress in the control specimen is also shown with a shaded 

area underneath the solid line. It can be seen from this figure that with an increase in UHPC 

confinement an increase in the peak stresses and strains is observed. For the specimens 

PS_C5U0.5 no considerable increase in peak stresses is observed. For all the other specimens a 

large increase in peak stresses is observed, ranging from 1.4 to 2.7 times the compressive 

strength of the control specimen. The recorded peak stresses for these confined concrete 

specimens (𝑓𝑓𝑐𝑐𝑐𝑐) and the corresponding strain values (𝜖𝜖𝐶𝐶𝐶𝐶) are presented in Table 5-3.  It can be 

seen from this table that UHPC shells can be extremely effective in increasing the strain capacity 

of the confined core. Also Strains as large as 0.012 were observed at peak stresses in the highly 

confined specimens. These values indicate that UHPC confinement can be an effective way to 
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increase the plastic hinge rotation capacity. This table also presents a comparison of these results 

to the values obtained using theoretical stress strain model proposed by Mander et al [48]. This 

model is represented by the equations shown below. Equation (1) gives the enhanced 

compressive strength of confined concrete and Equation (2) gives the corresponding strain at 

peak stress values obtained through equation (1). In these equations; 𝑓𝑓𝑙𝑙𝑒𝑒 represents the maximum 

effective confining lateral stresses that can be generated by the UHPC shell, 𝑓𝑓𝑐𝑐𝑐𝑐 represents the 

compressive strength of unconfined concrete core and 𝜖𝜖𝑐𝑐𝑐𝑐 represents the strain at the peak 

compressive strength of unconfined concrete. For the pilot study specimens 𝑓𝑓𝑐𝑐𝑐𝑐 and 𝜖𝜖𝑐𝑐𝑐𝑐 are taken 

as 18.15 MPa and 0.002, respectively. The effective lateral stresses 𝑓𝑓𝑙𝑙𝑒𝑒 are computed as shown in 

equation (3). In this equation 𝑓𝑓𝑡𝑡,𝑢𝑢ℎ𝑝𝑝𝑐𝑐 is the tensile strength of UHPC, 𝑡𝑡 is the thickness of the 

shell and 𝐷𝐷 is the diameter of the core concrete. It should be noted that Mander et al. [48] 

introduced the confinement effectiveness coefficient  𝑘𝑘𝑒𝑒 to account for the ineffective 

confinement of the core between the discrete locations of steel hoops in circular specimens. In 

the case of UHPC shells, no such discontinuities occur thus 𝑘𝑘𝑒𝑒 is assigned a value of 1. It can be 

seen from Table 5-3 that this theoretical model is in general agreement with the experimental 

results, the prediction ratios varied from 0.64 to 1.0. Further, it has to be noted that the tensile 

properties of UHPC can be affected by various factors such as casting process and geometrical 

proportions of the elements which have an effect on the fiber orientation and distribution. Thus it 

would not be possible to predict the stress strain relationship for these specimens with as high a 

degree of accuracy as specimens confined with steel hoops and ties. A separate factor to account 

for this variability in tensile strength of UHPC may be introduced after sufficient testing in future 

prediction models. 
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Table 5-3 Comparison of experimental and theoretical confinement for pilot study 
specimens 

S.No Specimen 
 Designation 

Experimental Theoretical Prediction ratio 
𝒇𝒇𝒄𝒄𝒄𝒄 

(MPa) 
𝝐𝝐𝑪𝑪𝑪𝑪 𝒇𝒇𝒄𝒄𝒄𝒄 

(MPa) 
𝝐𝝐𝑪𝑪𝑪𝑪 𝒇𝒇𝒄𝒄𝒄𝒄 𝝐𝝐𝑪𝑪𝑪𝑪 

1 PS_C3U1.5 45.71 0.012 45.43 0.017 1.00 0.71 
2 PS_C3U0.5 27.97 0.009 30.57 0.009 0.92 1.00 
3 PS_C4U1.0 30.60 0.007 35.13 0.011 0.87 0.64 
4 PS_C5U0.5 19.65 0.004 26.27 0.006 0.75 0.67 

 

 
Figure 5-10 Stress strain curves of pilot study specimens, numbers in brackets indicate the 

ratio of core area to UHPC shell area. 
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The pilot study specimens demonstrated the effectiveness of UHPC confinement and the 

applicability of the Mander’s confinement model to these specimens. The larger reinforced 

specimens were primarily intended to understand the effectiveness of UHPC shells as a retrofit 

option. Figure 5-11a and Figure 5-11b present the recorded stress-strain curves for the square 

and circular shaped specimens, respectively.  In this graph the vertical axis represent the average 

compressive stress recorded and the horizontal axes represents the average axial strain. For the 

square shaped specimens, the peak stresses were increased by 12% over the control specimen 

and the strain at the peak stress was increased by 32 % over the control specimen. For the 

circular specimens, unlike in the square specimens, once the peak stresses were achieved they 

were sustained over a range of strains forming a plateau as shown in Figure 5-11b. This is 

because of the inherent efficiency of a circular shell in developing uniform hoop stresses across 

the entire cross section and the sustained tensile capacity of UHPC. This mechanism can also be 

seen in Figure 5-8b where multiple large cracks are observed all around the specimen. Further, 

the UHPC confined circular specimens were able to achieve much higher ultimate strain values 

(see Figure 5-11b) For these circular specimens the peak stresses increased by 15%. It should be 

noted that because of the stress plateaus, strains at peak stress are compared after a 15% drop in 

load values is observed. Using this metric, the strain values in the test specimen increased by a 

value of 30 % when compared to the control specimen. These peak stresses and strains are 

reported in Table 5-4.  
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Table 5-4 Peak stresses and strains in UHPC confined steel reinforced sections 
S.No Specimen 

 Designation 
Peak Stress 

(MPa) 
Strains at  

peak stress 
1 SC_C11U0_Control 22.51 0.0043 
2 SC_C11U2_01 26.16 0.0049 
3 SC_C11U2_02 24.60 0.0070 
4 SC_C11U2_03 24.67 0.0052 
5 CC_C12U0_Control 20.66 0.0096 
6 CC_C12U2_01 24.52 0.0110 
7 CC_C12U2_02 23.64 0.0145 

 

The intent of the UHPC confined plain concrete specimens was to understand if the UHPC 

shells can substitute the traditional confinement provided by hoops and ties. To this effect the 

effective lateral confining stress in the tests specimens is kept approximately in the same range 

as the control specimen. For the square shaped control specimen, the effective lateral confining 

stress provided by the 13mm (US #3) dia hoops placed at spacing of 101.6 mm (4 in) is 1.89 

MPa (0.275 ksi). For UHPC confined specimens, the effective lateral stress in each direction 

provided by the 25.4 mm (1 in) thick shell is 1.15 MPa. Utilizing these values and the Mander’s 

confinement model [48],  𝑓𝑓𝑐𝑐𝑐𝑐 and 𝜖𝜖𝑐𝑐𝑐𝑐 for the control specimen are obtained as 22.5 MPa (3.27 

ksi) and 0.00475, respectively.  Similarly, 𝑓𝑓𝑐𝑐𝑐𝑐 and 𝜖𝜖𝑐𝑐𝑐𝑐 for the UHPC confined specimens are 

obtained as varying between, 20 MPa – 21.9 MPa (2.9 ksi – 3.18 ksi) and 0.00375 – 0.0045, 

respectively. These 𝑓𝑓𝑐𝑐𝑐𝑐 and 𝜖𝜖𝑐𝑐𝑐𝑐 values are also provided in Table 5-5 along with the prediction 

ratio.  The experimental stress strain curves for these specimens are shown in Figure 5-11c. The 

vertical axes in these graphs represents the average stress of the confined concrete core, this 

value is obtained by subtracting the load carried by the vertical reinforcing bars obtained through 

the strain gauge data and the load carried by the cover concrete which is obtained by comparing 

the strain values to the stress strain curve of a plain concrete sample. It can be seen from Table 

5-5 that peak stress values are in agreement with predictions of the Mander’s model and but the 
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strains values at peak stress are over predicted by about 60 % . This is possibly caused by lack of 

proper fiber distribution in the corner high stress zones. This drawback can be mitigated by 

providing minimal amount of steel hooks inside the UHPC shell at the corner locations.  

Figure 5-11d shows the experimental stress strain curves for the circular UHPC confined 

plain concrete specimens. It can be seen from the figure that in circular specimens UHPC shells 

are just as effective as steel hoops in confining the concrete core. A considerably large stress 

plateau similar to the ones in reinforced concrete specimen are observed. Amongst these 

specimens the control specimen has an effective lateral confining stress of 2.1 MPa (0.297 ksi) 

and the UHPC specimens have effective lateral confining stress of 3.45 MPa. Based on these 

values, the  𝑓𝑓𝑐𝑐𝑐𝑐 and 𝜖𝜖𝑐𝑐𝑐𝑐 for the control specimen are obtained as 22.75 MPa (3.3 ksi) and 0.0104, 

respectively.  For the UHPC confined specimens 𝑓𝑓𝑐𝑐𝑐𝑐 and 𝜖𝜖𝑐𝑐𝑐𝑐 are obtained as, 27.6 MPa (4.0 ksi) 

and 0.0143, respectively. These values along with the experimentally obtained the  𝑓𝑓𝑐𝑐𝑐𝑐 and 𝜖𝜖𝑐𝑐𝑐𝑐 

values are shown in Table 5-5. It can be seen from this table the Mander’s model can very 

accurately predict the peak stress values but the strains at peak stress are consistently 

overestimated by around 40%. This is possibly due the fact that the a thick UHPC shell has 

higher resistance to dilation and the Mander’s model [48] only accounts for the force equilibrium 

at peak stress levels and not the strain compatibility between the normal concrete core and the 

confining shell [83]. This table also shows the comparison with two other models proposed by 

Scott et al [77] and by Bousalem and Chikh [80]. These two models adopt a more simplified 

approach to computing the peak values which results in much reduced prediction accuracy 
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Figure 5-11 Stress strain curves of square and circular specimens 

 

Table 5-5 Comparison of experimental and theoretical peak stress and strain values 
Specimen 

 Designation 
Experimental Mander et al. [48] Scott et al. [77] Bousalem and Chikh [80] 

𝒇𝒇𝒄𝒄𝒄𝒄 
(MPa) 

𝝐𝝐𝑪𝑪𝑪𝑪 𝒇𝒇𝒄𝒄𝒄𝒄 
(MPa) 

𝝐𝝐𝑪𝑪𝑪𝑪 𝒇𝒇𝒄𝒄𝒄𝒄 
(MPa) 

𝝐𝝐𝑪𝑪𝑪𝑪 𝒇𝒇𝒄𝒄𝒄𝒄 
(MPa) 

𝝐𝝐𝑪𝑪𝑪𝑪 

SC_C11U0_Control 24.38 0.0044 22.5 0.0048 19.15 0.0031 19.52 0.0097 
SU_C9U1_01 23.30 0.0031 20 0.0038 17.64 0.0029 20.07 0.0103 
SU_C9U1_02 21.07 0.0022 20 0.0038 17.64 0.0029 20.07 0.0103 
SU_C9U1_03 21.44 0.0022 20 0.0038 17.64 0.0029 20.07 0.0103 

CC_C12U0_Control 21.92 0.0043-0.0085 22.75 0.0104 24.82 0.004 28.12 0.0190 
CU_C8U2_01 25.95 0.0011-0.0092 27.60 0.0143 26.20 0.0042 31.83 0.0251 
CU_C8U2_02 27.58 0.0017-0.0098 27.60 0.0143 26.20 0.0042 31.83 0.0251 
CU_C8U2_02 28.41 0.0041 27.60 0.0143 26.20 0.0042 31.83 0.0251 
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5.6 CONCLUSIONS 
 
This paper presents a new method of providing confinement for bridge piers using UHPC. 

This technique could be used to supplement traditional steel hoops and ties resulting in lower 

congestion in heavily reinforced columns. It can be also used as a retrofit method to help 

improve the displacement capacity of bridge columns. The UHPC confining shell would also 

improve the durability characteristics of the concrete core due to its high resistance to chloride 

ion penetration. In order to better understand and establish the applicability of this concept, 22 

tests with different sizes and shapes were carried out. The results were also compared with the 

widely accepted Mander’s theoretical confinement model. The following conclusions were 

reached based on the observations from this study. 

1. Increasing levels of lateral confining pressure provided by UHPC shells lead to enhanced 

compressive strength and ductility.  

2. The enhancement in peak stresses that could be achieved can be predicted with reasonable 

accuracy using the Mander’s model. The confinement effectiveness coefficient in the 

Mander’s model can be assumed to be unity for circular specimens due to the continuous 

nature of the UHPC shell across the entire height. The Mander’s model over predicts the 

strains at peak stress, as it does not account for geometric strain compatibility between the 

shell and the core concrete. 

3. For square columns UHPC confinement can improve the peak load carrying capacity but no 

significant improvement in ultimate concrete strains are observed. This might be due to the 

stress concentration on the inside corners of the confining shell and also due to inadequate 

fiber distribution around the corners of rectangular specimens. 
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4. For circular column of 305 mm in diameter and reinforced with 0.1% longitudinal steel and 

10 mm hoops placed at 100 mm spacing, providing a confining UHPC shell of 2 in thickness 

can improve the compressive load carrying capacity by 16 % and the ultimate concrete strain 

by 40% (from 0.018 to 0.025). Thus, making UHPC confinement an effective option for 

retrofitting of circular shaped columns or using them as a complimentary confining 

mechanism to reduce congestion issues. 
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6 SUMMARY AND RECOMMENDATIONS FOR FUTURE WORK 
 

6.1 SUMMARY  
 
The main focus of this multi-part research was to develop cost effective, durable, and 

rapidly deployable hybrid UHPC- NC bridge systems. Such systems, by taking advantage of the 

enhanced mechanical properties of UHPC, can help in addressing the challenge of deteriorating 

transportation infrastructure coupled with increasing traffic volumes. The hybrid systems 

developed in this research include a hybrid prestressed girder and a hybrid bridge column. The 

development of these applications required a thorough understanding of; rebar development 

length in UHPC, shear and flexural behavior of UHPC-NC interface and the endzone behavior of 

a heavily prestressed girders.  

The development length of rebar in UHPC is investigated in Chapter 2. As part of this 

research, tests were conducted on 16 pull out specimens and 12 beam specimens with spliced 

rebars. The rebar used for these tests are #4 (M13), #5 (M16) A615 grade 60 bars and # 6 (M19), 

#7 (M22) A615 grade 80 bars. The embedment length and side cover for the pull out tests were 

varied from 6db to 8db and 1db to 3.5db, (where db= diameter of rebar) respectively. The beam tests 

were conducted under four-point loading, with bar splices in constant bending region. The clear 

cover for rebar in these tests was varied from 1db to 3db. The rebar for all beam specimens were 

spliced at mid-span for a length of 8db. The beam specimens were instrumented with standard foil 

strain gauges on rebar and Optotrak LED targets on beam surface, to capture the strains at different 
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points along the splice length. The effect of embedment length, concrete cover, bar size and bar 

type on the bond strength were investigated in these tests. The results from these tests indicate that 

a reinforcing bar can develop a stress of 60 ksi (414 MPa) with a 10db embedment length and a 

minimum concrete cover of 2db. Also, the required embedment length can be decreased to8db, with 

a minimum cover of 3.5db .  

A project supported by Alabama Department of Transportation (ALDOT) was utilized to 

gain insights into the endzone behavior and shear behavior of deep prestressed girders. This 

investigation is presented in Chapter 3. This research examined the effectiveness of various end 

zone reinforcement detailing on mitigating the endzone cracking, and its impact on shear 

behavior. The test specimen consisted of four 54 ft (16.5 m) long BT-78 girder specimens 

representing the end 54 ft (16.5 m) segment of the 180 ft (54.9 m) long girder. These girders 

consisted of 66-0.6 in. (15.2 mm) prestressing strands and was constructed using 10 ksi (68.95 

MPa) self-consolidating concrete mix. Each of the test specimens had different end zone 

detailing. The test specimens were monitored in the field for critical parameters at the time of 

detensioning and also in the lab where they were loaded to their shear capacities. As part of this 

study a finite element (FE) analysis was also conducted and the results of this FE analysis were 

validated with the experimental data.  

The concept of a hybrid UHPC – NC long span girder is presented in Chapter 4. This 

concept involves using UHPC in the girder endzone, and thus utilizing its enhanced mechanical 

properties to enable incorporating more prestressing force in existing girder shapes. The higher 

prestressing force could be used to increase the girder load carrying capacity, resulting in longer 

span lengths or increased girder spacing. To understand the behavior of UHPC-NC interface, 

tests were carried out on UHPC-NC push off specimens and small-scale UHPC-NC hybrid beam 
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specimens using an interface texture with 5 mm roughness. These tests were utilized to 

experimentally characterize the interface behavior and calibrate a finite element modelling 

strategy for the UHPC-NC interface. A 205 ft long PCEF 95 prototype girder was then selected 

and its feasibility was evaluated to demonstrate the concept of the hybrid girder.  The results 

from the small-scale tests and the finite element study indicate that UHPC-NC interface can meet 

the shear and rupture demands produced in such heavily prestressed girders. 

The hybrid bridge column concept presented in Chapter 5, utilizes a UHPC shell as a 

permanent form work for a column with normal concrete core. This technique could be used to 

supplement traditional steel hoops and ties resulting in lower congestion in heavily reinforced 

columns. It can be also used as a retrofit method to help improve the displacement capacity of 

bridge columns. The UHPC confining shell would also improve the durability characteristics of 

the concrete core due to its high resistance to chloride ion penetration. The confinement effect 

provided by such a UHPC shell was experimentally investigated by performing compression 

tests on specimens that are 711 mm (28 in) long and have square and circular cross-section with 

229 mm (9 in) and 305 mm (12 in) dimensions. These columns are reinforced with 4-M13 (US-

#4) longitudinal bars and M10 (US-#3) transverse reinforcement at 51 mm (2 in) to 102 mm (4 

in) spacing. The performance of these control specimens is compared with similar specimens 

having a confining UHPC shell. The thickness of this shell was varied from 25 mm (1 in) to 64 

mm (2.5 in).  Results obtained from the tests indicate that UHPC shell confined specimens 

exhibit a 15-30 % increase in peak load carrying capacity along with a 26- 46% increase in 

crushing strain values. 
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6.2 RECOMMENDATIONS FOR FUTURE WORK 
 
The research presented in this dissertation addressed some of the areas that need to be 

studied in order to develop UHPC – NC hybrid systems. These systems could benefit from 

further research as listed below. These recommendations are also made partially based on the 

issues faced, during the investigation of the hybrid girder and hybrid column components. 

1. Further investigation of the rebar development length in UHPC could be carried out 

using high strength rebar and larger diameter bars. This would enable the formation of 

a more complete data set for development of improved recommendations for 

embedment length requirements for rebar in structures designed with UHPC.  

2. For the investigation of rebar development length in UHPC, larger beam sizes with 

more varying lap splice lengths could be used. These beam sizes should be designed in 

a manner so as to force the failure of the specimen through bond. This would lead to a 

more precise estimation of the rebar development length. 

3. More research needs to be performed to understand the effect of using 0.6 and 0.7 inch 

strands on the end zone of large prestressed girders with UHPC. This includes the 

transfer and development length of 0.6 and 0.7 inch strands in UHPC. 

4. More textures could be tested to enhance the performance of the UHPC-NC interface. 

A strategy similar to the one adopted in this dissertation could be utilized to obtain the 

characteristic interface cohesion and tension values. Impact of repeated loading 

(fatigue) on the interface behavior should be further investigated. Even though, the 

strength of the interface might be adequate, more experimental research is warranted to 

have a better understanding of crack widths or crack formation along the interface over 

long-term combined mechanical and environmental loading.  
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5. The behavior of the UHPC-NC interface subjected to a prestressing force across the 

interface should be investigated under combined bending and shear loading. This will 

provide the basis for improving the shear and rupture capacities of the interface, 

provided in this dissertation, which will help to develop further efficient designs.  

6. To better understand the confinement effect of UHPC shells, more experimental testing 

with higher concrete strengths, rebar sizes and column sizes is needed. Reverse cyclic 

loading testing of hybrid bridge columns under combined axial and lateral loading need 

to be performed to validate and quantify the seismic performance. Also, to further 

improve the performance of the UHPC shells to provide confinement, usage of 

minimum amount of welded wire mesh reinforcement in UHPC shells could be 

investigated. 
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